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Resumo 

Apresenta-se uma revisão do estado da arte em túneis imersos, bem como o caso de estudo 

selecionado para esta tese, um túnel imerso para atravessar o rio Tejo entre Algés e a Trafaria. Em 

seguida, são discutidos casos de liquefação induzida pela ação sísmica e respetivo mecanismo 

associado. São descritos os modelos constitutivos mais relevantes para a simulação numérica da 

resposta de solos sob ação cíclica, incluindo o modelo de Manzari-Dafalias. Procede-se, então, à 

caracterização física da areia do rio Tejo e à análise de seis ensaios triaxiais monotónicos drenados, 

com o objetivo de caracterizar o comportamento tensão-deformação da areia. São, também, 

analisados cinco ensaios torsionais cíclicos não drenados para caracterizar o comportamento cíclico 

da areia. Seguidamente, é apresentada a calibração do modelo Manzari-Dafalias, combinando 

resultados de ensaios laboratoriais com estudos de sensibilidade numérica. É feita uma análise de 

sensibilidade aos parâmetros do modelo para compreender a sua relevância, usando um driver 

constitutivo em OpenSees, tanto através de simulação numérica de ensaios triaxiais monotónicos, 

como de ensaios torsionais cíclicos. Alguns parâmetros do modelo são calibrados diretamente a 

partir dos resultados dos ensaios triaxiais. Os restantes parâmetros são determinados através de 

simulações numéricas e ajuste do modelo aos resultados laboratoriais. Para esclarecer alguns dos 

problemas do modelo, nomeadamente na fase de liquefação, é implementado em MATLAB um novo 

driver constitutivo. Finalmente, são descritas várias medidas de mitigação de liquefação e a sua 

aplicação em túneis imersos. É estudada uma destas medidas, designadamente a injeção de uma 

resina de poliuretano expansivo de célula fechada. Para o efeito, são apresentadas as características 

físicas da resina e da mistura areia-resina. Realizam-se ensaios ultra-sónicos de alta frequência, de 

compressão e de tração uniaxial, e de compressão triaxial. Determinam-se o módulo de elasticidade, 

o coeficiente de Poisson, as resistências à compressão e tração uniaxiais, a resistência à compressão 

triaxial, e os parâmetros de resistência ao corte. Executam-se dois ensaios adicionais de injeção para 

verificar a densificação da areia entre colunas injetadas. Por último, sintetizam-se as principais 

conclusões e estabelecem-se as linhas de orientação para futuros desenvolvimentos. 

 

Palavras-chave: túneis imersos, liquefação, ensaios laboratoriais avançados, modelação numérica, 

mistura areia do rio Tejo – resina de poliuretano expansivo  
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Title: Liquefaction mitigation measures: prospective application to immersed tunnel foundations 

 

Abstract 

A state-of-the-art revision of immersed tunnels is done. The selected case-study for this thesis, an 

immersed tunnel for crossing Tagus River between Algés and Trafaria, is presented. Next, cases of 

earthquake-induced liquefaction and its associated mechanism are discussed. The most relevant 

constitutive models for the numerical simulation of the response of soils under cyclic loading are 

described, including the Manzari-Dafalias model. Subsequently, Tagus River sand is physically 

characterized and six monotonic drained triaxial tests are analysed, with the goal of characterizing 

the stress-strain behaviour of the sand and obtain its parameters. Five cyclic undrained torsional 

tests are also analysed with the goal of characterizing cyclic behaviour of the sand. Then, the 

calibration framework for the Manzari-Dafalias model is presented, combining results of laboratory 

tests with numerical sensitivity studies. A parameter sensitivity analysis is carried out to understand 

the relevance of some chosen model parameters, by using an OpenSees constitutive driver, both 

through numerical simulation of monotonic drained triaxial tests and of cyclic undrained torsional 

tests. Some model parameters are calibrated directly from triaxial testing. The remaining parameters 

are calibrated through numerical simulation and curve fitting of the model to the laboratory results. 

A new constitutive driver is implemented in MATLAB to clarify some of the Manzari-Dafalias model 

issues, namely in the liquefaction phase. Finally, multiple liquefaction mitigation measures, and their 

application in immersed tunnels, are described. Laboratory testing of a mitigation measure, 

specifically injection of a duromeric expansive polyurethane resin, commercially available, is 

accomplished. The physical characteristics of both the resin and of the sand-resin mixture are 

presented. A series of tests, namely high frequency ultrasonic pulse tests, uniaxial compression and 

tensile tests, and triaxial compression tests, are performed. The modulus of elasticity, the Poisson’s 

ratio, the uniaxial compressive and tensile strengths, the triaxial compressive strength and the shear 

strength parameters, are determined. Two additional injection tests are executed to check 

densification of the sand between injection columns and its relative density is determined. Finally, 

the main conclusions are summarized and guidelines for future developments are established. 

 

Key-words: immersed tunnels, liquefaction, advanced laboratory testing, numerical modelling, Tagus 

River sand - expansive polyurethane resin mixture 
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1. Introduction 

1.1. Theme 

This thesis intends to anticipate a future need for know-how in liquefaction effects and its 

control and mitigation, with application oriented to immersed tunnels, concerning advisory 

from the Geotechnical Department of LNEC in design and construction of this type of tunnel. 

Therefore, issues related to the behaviour of immersed tunnels, namely seismic behaviour and 

liquefaction of their foundation, as well as mitigation measures, are addressed.  

This type of tunnels are usually an interesting alternative from the economical and safety 

points of view as (Ingerslev, 2007): they are shallow tunnels, which minimizes imposed water-

pressures, reduces overall length of the tunnel and contributes to having flatter approach 

gradients than in bored tunnels; they have versatile cross-sections, which makes them 

appropriate for highways and combined railway and road traffic; they are suitable for most 

types of ground, including soft alluvial materials and conditions like loose permeable soils at 

river or sea bottom, where tunnel boring machines use is not recommended; the construction 

of the elements is performed ashore, ensuring high quality. 

Many immersed tunnels are built on alluvial formations in earthquake zones and one of the 

main issues in their safety design is precisely their resistance to foundation liquefaction. As a 

matter of fact, the displacements of an immersed tunnel resulting from a seismic event 

depend largely on the behaviour of the surrounding ground, namely its stiffness (Ingerslev and 

Kyiomya, 1997). Some movements may even cause slippage between the tunnel surface and 

the soil. These displacements may be amplified by liquefaction and lead to ground failure if 

significant loss of soil strength occurs. Consequences of liquefaction may include loss of lateral 

or vertical support, differential movements or rotations, movements due to shake-down 

settlement effects (where granular material naturally densifies due to loss of structure) and 

floatation of the tunnel. Likewise, its uncontrolled movement is undesirable and could lead to 

overstressing and damage of the structure or leakage of the tunnel joints. Therefore, 

liquefaction phenomena shall be avoided and efficient ground improvement measures shall be 

implemented. 

 

1.2. Motivation 

This thesis tackles liquefaction effects and its mitigation through an extensive experimental 

program to characterize the response of a sand with high liquefaction potential, the Tagus 

River sand, and a promising mitigation technique. So, apart from the laboratory 

characterization and numerical simulation of the monotonic and cyclic behaviour of this sand, 

an important goal of this thesis is precisely to investigate the use of a ground improvement 

measure in immersed tunnels, i.e., injections of expansive polyurethane resins. These 

injections densify the surrounding soil, as additional material is introduced into a relatively 

constant soil volume. Besides, other effects, such as improvement in composite stiffness, 

cementation and horizontal stress increase, are also present. If built as “panels”, they could 

also limit liquefied sand migration to the zone beneath the tunnel, as well as support the 

tunnel. 
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A Tagus River crossing case-study is presented, where the Tagus River sand constitutes the 

foundation of a planned immersed tunnel. In fact, a very relevant feature of this thesis is that it 

was thought to constitute the base for several future lines of research, which include a realistic 

numerical simulation of the immersed tunnel, from construction to earthquake loading. This 

numerical simulation is to be supported by advanced laboratory testing using the seismic table 

of LNEC. 

The initial idea of the thesis was to model the tunnel numerically in 2D and 3D using the 

OpenSees software (University of Berkeley) and the Manzari-Dafalias model as the constitutive 

model for the sand. For that, cooperation between LNEC and the Oregon State University was 

established. However, issues with the constitutive model led to the need of studying the 

model more profoundly before it could be applied to the case-study. Therefore, the 

constitutive model was implemented and sensitivity studies were made, which will allow a 

better and more realistic prediction of the response of immersed tunnels under seismic 

loading, in the future. Moreover, the thesis wouldn’t be complete without studying a relevant 

liquefaction mitigation measure, which gave focus to all the previous work. 

Hopefully, this thorough study of the Tagus River sand, both treated and untreated, will 

contribute to a better grasping of its behaviour, namely under seismic loading, and to a more 

confident and scientific design of the foundation of immersed tunnels, including the choice of 

adequate liquefaction mitigation measures for a specific site, like the Tagus River crossing. 

 

1.3. Thesis structure 

In chapter 2, a state-of-the-art review of current knowledge regarding immersed tunnels is 

done, including history of immersed tunnels, possible cross-sections and materials (steel, 

concrete, composite), general layout, mechanical and electrical installations (namely, 

ventilation), structure sizing, stability and buoyancy safety, diverse design loads, tunnel joints 

(immersion, segment, terminal, closure, seismic and construction joints), shear keys and finally 

earthworks. What is more, the selected case-study for this thesis is presented, an immersed 

tunnel for crossing Tagus River between Algés and Trafaria. 

In chapter 3, seismic performance of immersed tunnels, namely seismic design, types of 

deformation, and liquefaction, as well as its consequences to the tunnel, is analysed. Some 

examples are also given, including the Offshore Transbay Tube, the Posey and Webster Street 

Tubes, the Waihuan Tunnel and the George Massey Tunnel. 

In chapter 4, a brief history of earthquake-induced liquefaction and related research are 

presented. Then, the mechanism of earthquake-induced liquefaction is discussed, making a 

clear distinction between flow liquefaction and cyclic mobility, which will be studied in this 

thesis. A fully coupled analysis for the study of saturated soils is described, including the 

equations that govern a two-phase continuum: equations of motion for the soil particles-fluid 

mixture and for the fluid, and equation of mass conservation. These are simplified for a { − � 

formulation and the process to obtain a numerical solution through discretization and time 

integration is explained. The numerical simulation of the response of soils under cyclic loading 

is presented, including a description of the most relevant constitutive models. The choice of 
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the constitutive model for the Tagus River sand, the Manzari-Dafalias model, is then explained 

and the model is consequently introduced. Hence, some improvements and examples of 

application of the model are discussed, namely the development of a new model based on the 

Manzari-Dafalias model, PM4Sand, which is intended to solve some issues of the former.  

In chapter 5, Tagus River sand, which constitutes the foundation of the tunnel, is physically 

characterized, based on physical laboratory tests. The testing plan is, then, defined. 

Furthermore, specimen preparation is described, including use of the sand shower to fill the 

form, placing the specimen inside the triaxial cell, saturation and consolidation. 

Additionally, six monotonic drained triaxial tests are analysed, with the goal of characterizing 

the stress-strain behaviour of Tagus River sand and obtain its static strength parameters, as 

well as some plastic modulus and dilatancy-related parameters. Plots (�� , �); (�� , �/�); 

(�� , ��) and (�, �) are presented for all the tests. 

Then, the importance of executing cyclic undrained torsional tests is explained. The theory that 

supports analysis of these tests is also elucidated and LNEC torsional shear equipment is 

concisely described, including its five fundamental units: the triaxial cell; the control/data 

acquisition system; the axial control system; the torsional control system and the pressure and 

volume control system. Finally, five cyclic undrained torsional tests, in which liquefaction was 

attained, are analysed with the goal of characterizing cyclic behaviour of Tagus River sand. 

Shear stress versus shear strain cycles, �/����� versus �/����� paths, and excess pore 

pressure, shear stress and shear strain versus time plots, are displayed and scrutinised for all 

tests. Time until initial liquefaction, shear stress semi-amplitude difference between the first 

and last cycle, excess pore pressure amplitude, equivalent shear modulus and damping ratio 

variation, are also analysed for all tests. 

In chapter 6, the calibration framework for the Manzari-Dafalias model is presented, 

combining results of laboratory tests with numerical sensitivity studies. Firstly, the Manzari-

Dafalias model is formulated, both in triaxial and multiaxial stress space.  

Next, a parameter sensitivity analysis is carried out to understand the relevance of some 

model parameters, namely those which could not be obtained directly by laboratory tests, by 

using an OpenSees constitutive driver (University of Berkeley). A parameter sensitivity analysis 

through numerical simulation of monotonic drained triaxial tests is performed for each model 

parameter, for two chosen related parameters and for pairs of the most relevant parameters, 

previously determined. Additionally, a parameter sensitivity analysis through numerical 

simulation of cyclic undrained torsional tests is executed, analysing response to a variation in 

the parameters in pre-liquefaction and liquefaction phases separately. 

Many of the model parameters, mainly those related to monotonic behaviour, are calibrated 

directly from triaxial testing. The remaining parameters related to monotonic and cyclic 

behaviour are calibrated through numerical simulation and curve fitting of the model to the 

laboratory results. 

A new constitutive driver is implemented in MATLAB (The Mathworks, Inc.) to clarify some of 

the Manzari-Dafalias model problems, namely in the liquefaction phase, when using an 
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OpenSees driver (University of Berkeley). Moreover, it is validated, using monotonic and cyclic 

triaxial tests. 

In chapter 7, multiple liquefaction mitigation measures are described, particularly: 

densification of in-situ soils (e.g., vibro stone columns, vibro-compaction, sand compaction 

piles, dynamic consolidation and blasting), providing shorter drainage path for faster excess 

pore water pressure dissipation (e.g., vertical gravel or prefabricated drains), reinforcing the 

soil to reduce seismic strains (e.g., micropiles, sheet piles, soil-cement columns, in-situ soil 

mixing, biocementation and tire chips), grouting (e.g., jet grouting, compaction grouting, 

chemical grouting, passive site stabilization with colloidal silica grouting and injections of 

expansive polyurethane resins) and inducing partial saturation (e.g., lowering of groundwater 

table, air injection and biogas). A short reference is made to their application in immersed 

tunnels. 

Finally, in chapter 8, laboratory testing of a liquefaction mitigation measure, specifically 

injection of a duromeric (closed cell) expansive polyurethane resin MC-Injekt 2700 L®, is 

accomplished. To begin with, the physical characteristics of both the resin and of the sand-

resin mixture are presented. The testing plan is, then, defined, similarly to chapter 5. 

Moreover, specimen preparation is described, including use of the sand shower, saturating the 

sand, confining the sand at the top by placing a uniformly distributed load at the surface, 

injecting one centred column and core drilling, in the longitudinal and transversal directions, to 

obtain the specimens for the laboratory tests.  

The point load testing is executed to provide an estimate of the uniaxial compressive strength 

of the mixture. With the high frequency ultrasonic pulse testing, the velocity of propagation of 

elastic waves and, subsequently, the modulus of elasticity and the Poisson’s ratio are 

determined in the very small strain range. Next, uniaxial compression tests are performed to 

determine the uniaxial compressive strength and the modulus of elasticity and Poisson’s ratio 

of the mixture in uniaxial compression. Results are analysed, in both the horizontal and vertical 

directions, and compared with the previous tests. Uniaxial tensile tests are executed as well to 

determine the uniaxial tensile strength. Then, triaxial compression tests are done to determine 

the failure envelope of the sand-resin specimens. Results are compared with the uniaxial 

compressive tests. The shear strength parameters are also defined for the mixture in both 

directions.  

Finally, two additional injection tests with five columns each are also executed to understand 

how the increase in the ratio between mixture volume and total volume could affect 

densification between columns. Thus, to appreciate the effect of the injections on Tagus River 

sand density, the relative density of the sand is determined for the three injection tests. The 

expansion of the resin is also estimated. 

To sum up, and in order to fulfil the goals of this thesis, the research is based on 

complementing advanced laboratory testing with numerical modelling to characterize 

liquefiable sand, in this case, Tagus River sand. Moreover, studying a liquefaction mitigation 

measure and evaluating its performance is also a very significant part of the thesis, which 

intends to bring together scientific research and industry on this relevant subject.  
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2. Overview of immersed tunnels 

2.1. Introduction 

Immersed tunnels are an efficient way of crossing under a waterway, as they only require a 

shallow cover between the top of the tunnel and the bottom of the waterway (about 2-3 m), 

for protection against anchors or sinking vessels. Thus, they have the shortest overall crossing 

length, when compared with bored tunnels or bridges. Moreover, the construction method 

has lower risk than the inherent risk of a bored tunnel and relies on water to transport and 

place the tunnel (Lunniss and Baber, 2013). 

An immersed tunnel is a particularly good solution in soft soils as it typically does not weigh as 

much as the material it replaces. When compared to a bored tunnel, the immersed tunnel 

offers greater flexibility regarding the arrangement of cells carrying roads, railways and 

pedestrians. Internal airspace includes clearance envelopes for road and rail traffic, space for 

mechanical, electrical and security systems, requirements for ventilation (both air supply and 

smoke extract) and provision for safe emergency access and escape. Basically, the smaller the 

internal airspace, the less additional concrete has to be provided to keep the tunnel in position 

and prevent floating, and hence, the less expensive it will be. It is more cost-effective to add 

width to an immersed tunnel than increase its depth because of the increased dredging 

requirements and the increased length of approaches associated with going deeper. 

The first concepts of an immersed tunnel were developed in England in the early 1800s, so the 

birth of both immersed and shield-driven tunnels occurred at about the same time. However, 

the first immersed tunnel project would only be built in 1893 - it was a 100 m long sewer 

tunnel under Boston Harbor, constructed from brick and concrete. The first transport tunnel 

was a two-track rail tunnel between Detroit, Michigan, and Windsor, Canada, in 1910. The 

tunnel comprised twin watertight steel tubes placed in a dredged trench, and surrounded by 

concrete (Lunniss and Baber, 2013).  

The second tunnel beneath the Detroit River was completed in 1930. The hexagonal external 

shaped double steel shell section, which became the most popular shape for tunnels in the 

United States, was developed during the design of this second tunnel (Figure 2.1). The single 

steel shell section was also developed in the United States. A typical single shell design, used 

for the Bay Area Rapid Transit (BART) Tunnel in San Francisco, is shown in Figure 2.2. 

The first significant concrete immersed tunnel to be constructed was a rectangular pedestrian 

tunnel, the Friedrichshagen Tunnel in Germany, completed in 1927. The first concrete 

transportation tunnel, the Posey Street Tunnel between Oakland and Alameda in California, 

was finished a year later. 

Just recently, the Bosphorus rail tunnel, the deepest immersed tunnel in the world (58 m 

deep), was finished. The Hong Kong–Zhuhai–Macao Crossing, with its 5.7 km long immersed 

tunnel, and the 19 km long Fehmarn immersed tunnel between Germany and Denmark are the 

longest immersed tunnel projects proposed to date. 
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Figure 2.1 – Example of double steel shell section (Lunniss and Baber, 2013) 

 

 

Figure 2.2 – BART single steel shell section (Lunniss and Baber, 2013) 

 

Regarding construction of immersed tunnels, the basic principles are: the tunnel is constructed 

from a series of precast sections, or elements, each usually 100–200 m long; the elements are 

designed to float so that they can be transported to the tunnel location; the elements are 

lowered into a trench that has been dredged in the bottom of the waterway and joined 

together; the trench is backfilled and the tunnel finishes are completed from the inside 

(Lunniss and Baber, 2013). 

The general layout of a typical immersed tunnel (Figure 2.3) comprises a central section under 

the waterway, composed of several elements. Usually, at the banks of the waterway, the type 

of construction changes to a cut and cover tunnel. When the alignment has reached about 5 or 

6 m below the bank level, then the cut and cover tunnels end in portal structures (ventilation 

buildings, for instance), and open approach ramps continue to ground level. The immersed 

tunnel can also connect directly to a bored tunnel. 
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Figure 2.3 – General immersed tunnel layout (Lunniss and Baber, 2013) 

 

The tunnel alignment has to be developed taking into account some constraints, specifically: 

tying in with the existing infrastructure; depth of the tunnel below water level and width of the 

navigation channel; extent of protection to the top of the tunnel, which determines depth of 

the tunnel below the bed - for an initial assessment, it can be assumed that the rockfill 

protection over the tunnel is 2 m thick for a major waterway and 1 m thick for a minor one; 

geotechnical and environmental constraints (Lunniss and Baber, 2013). 

Highway longitudinal gradients are generally limited to about 5% or 6%, particularly if the road 

carries a high percentage of heavy goods vehicles. Concerning railroad, commonly trains are 

limited to maximum gradients of about 1.6%, although this can increase to 2.5% with the 

modern rolling stock or high speed trains and to about 3.5% for metro systems. These 

gradients will determine the length and layout of the tunnel approaches. Minimum gradient is 

normally kept at 0.05%, which is sufficient to maintain longitudinal drainage in the tunnel. A 

minimum crossfall of 2% is often adopted across the carriageway for drainage purposes. The 

low point of the tunnel usually has a drainage collection sump (Lunniss and Baber, 2013). 

A concrete immersed tunnel is particularly adequate for multilane road, rail, or multimodal 

crossings, as its rectangular shape matches well with the shape and clearance envelopes 

required for road and rail traffic. On the other hand, a steel tunnel generally has a more 

circular shape and the arcs above and below the rectangular traffic envelope are dead 

airspace, requiring a greater weight of concrete to hold it down. In spite of that, this dead 

space can be used for ventilation, drainage and services. 

In road tunnels, bidirectional traffic in a single cell should be avoided due to high probability of 

accidents and their consequences. Two or three-lane carriageways can be readily 

accommodated in a single immersed tunnel compartment, so dual carriageway roads need the 

conventional two-cell cross section. For more than three lanes, as the cells become wider, the 

upper slab spans become longer and structural requirements dictate that they become thicker 

or alternatively require transverse prestressing. Prestressing is an additional construction 

complication and brings durability and robustness issues. This leads to a four-lane carriageway 

normally being better accommodated in two cells of two lanes each (Lunniss and Baber, 2013).  
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Modern safety requirements call for a separate cell to enable people to safely exit the tunnel 

in an emergency. Typically, these pedestrian escape cells are about 1.2–1.5 m wide and the 

pressure in the escape cell has to be higher than in the adjacent traffic cell to avoid smoke 

being drawn into it. This escape cell can also be used to carry tunnel services either above or 

below the pedestrian space. 

In shorter tunnels or those with low vehicle emissions, the tunnel can be ventilated through 

the traffic cell. So, the only space needed is above the carriageway to accommodate the 

longitudinal jet fans. Even this space can be reduced by positioning the fans in niches in the 

tunnel roof so that the general roof line is lower, rising only where necessary to accommodate 

a set of fans. There is also a system where, instead of distributing the fans throughout the 

tunnel, air is blown into the tunnel at the ends through nozzles in the roof. In this case, the 

overall internal height of the tunnel is minimized, as no additional space is needed within the 

tunnel to accommodate jet fans. With longer or busier tunnels, a semi-transverse or a fully 

transverse ventilation system may be needed. These require additional cells to duct the air 

either in or out of the tunnel, resulting in a larger cross section (Lunniss and Baber, 2013). 

Regarding element length, usually, it is better to make all the tunnel elements the same length 

as this provides repetition for construction and placing. Although, special short tunnel 

elements or ground treatment may be needed if the ground conditions vary rapidly around a 

terminal joint (between the immersed and a cut and cover tunnel) or under the tunnel. In fact, 

this usually results in increased differential settlement and consequent increased shear forces 

transfer between elements. 

Seismic resistance is often important in tunnel design. Actually, when using monolithic tunnel 

elements in a highly seismic area, it may be beneficial to have more joints between elements 

and, thus, shorter elements. Therefore, it is possible to reduce the earthquake loading on the 

elements, as more joints mean a lower shear force transfer between elements. Although, 

generally, elements themselves are robust enough to withstand the effects of an earthquake 

and the main structural issue for design is to ensure that joints do not spring apart due to 

differential movements, as seismic waves pass the tunnel and the surrounding ground (Lunniss 

and Baber, 2013). 

 

2.2. Steel shell tunnels 

Steel tunnel elements are monolithic and single or double shell. The most economical sections 

for external pressure loading are circular-shaped for a single tube or binocular-shaped for a 

double-tube, as most structural sections are permanently in compression. What is more, the 

space between the roadway slab and the invert and the space above the suspended ceiling, if 

applied, can be used for air supply and exhaust for transverse ventilation, as well as for 

services. Often, the joints between elements are welded to provide a continuous tunnel 

structure (Saveur and Grantz, 1997), although nowadays a similar configuration to concrete 

tunnels is being adopted, with a combination of sealing gaskets, which has more flexibility. 

The single steel shell section is used for tunnels with one or two relatively narrow tubes, such 

as tunnels for metro rail transportation. It has an outer steel shell, stiffened internally both 
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longitudinally and transversely. Inside the steel shell, a reinforced concrete lining is placed, 

which acts compositely with the steel. The outer structural steel shell is exposed to the ground 

(and groundwater) and it is, therefore, necessary to provide some form of external corrosion 

protection, such as a cathodic protection system. 

For larger vehicular tunnels, with larger tubes, the double steel shell is used. It has an inner 

steel shell, which is reinforced by an internal concrete lining, designed to act compositely with 

the steel shell, providing the primary structural strength of the tunnel. Around this inner shell 

there is an outer steel box, referred to as form plate. The inner shell and form plate are 

connected by a series of transverse diaphragm plates that add stiffness to the structure. The 

space between the two shells is filled with concrete, which serves to restrain buckling of the 

diaphragm flanges, acts as ballast to prevent uplift and also protects the inner steel shell 

against corrosion (Lunniss and Baber, 2013).  

The advantage of the steel shell is that the required fabrication facilities are not extensive and 

are generally available in countries with a shipbuilding industry. Steel tunnels are usually 

quicker to build. The shells are also relatively lightweight with a shallow draught of about 

0.60 m, so they can easily be towed to the outfitting facility without the need for deep 

navigation channels. It is also possible to tow them considerable distances. The steel shell 

inherently provides a watertight barrier and no other measures are necessary to make the 

tunnel watertight, except to provide corrosion protection to any external steel membrane. 

Moreover, if an exceptional seismic event occurs, the additional ductility of the steel shell is 

likely to enable it to remain intact. Likewise, ductility of the welded connection between 

elements may allow some movement to occur without leakage arising inside the tunnel, 

although losing the flexibility of a joint solution similar to a concrete tunnel. The main 

disadvantage is the material cost, which is higher than concrete (Lunniss and Baber, 2013). 

 

2.3. Concrete tunnels 

The shape most often used for double and multiple-cell concrete traffic tunnels is the 

rectangular box, which may have to be widened with extra cells for transverse ventilation air 

supply, services and emergency escape. The box shape best approaches the rectangular 

internal clearance required for motor traffic, with good conformity between resistance and 

weight, and also permits practical concrete construction (Saveur and Grantz, 1997). 

The tunnel element is constructed as a continuous reinforced concrete box: the floor, external 

walls and roof being about 1 m thick and the internal walls between 0.30 and 0.70 m. The 

base, walls, and roof are all rigidly connected together with the reinforcement being 

continuous throughout the section and across construction joints. Concrete tunnels comprise 

elements of either monolithic or segmental form. 

If the elements have a monolithic form, they constitute a continuous structure that acts as a 

beam. The construction is usually of reinforced concrete, though permanent prestress can also 

be used to provide adequate structural strength to resist the applied bending moments and to 

prevent cracking. The tunnel typically has an external waterproofing membrane. Articulation 
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of the tunnel structure is provided at the immersion joints between tunnel elements (Lunniss 

and Baber, 2013). 

Shear keys are used to transfer shear forces across these joints and to make sure that the 

elements remain aligned in the long term. The vertical shear keys are normally placed in the 

walls, with transverse shear keys located in the floor or the roof. They are generally installed 

after foundation placement and release of the element onto its permanent foundation. Thus, 

differential movement is allowed to take place before the elements are locked together, which 

in turn reduces the forces to be carried by the shear keys. 

The monolithic form of construction can easily be adapted to different shapes to 

accommodate variations in width or height of the cross section, or length of the element. This 

is particularly useful where lane widths vary or emergency lay-bys have to be provided within 

the immersed tunnel. 

The segmental concrete tunnel element, introduced in the 1960s, is one of the major 

developments of concrete tunnels (Lunniss and Baber, 2013). It allows avoiding early thermal 

shrinkage cracking, which goes through the concrete section and provides a path for water 

leakage. This can cause chlorides to penetrate the concrete, jeopardizing long-term durability 

of reinforced concrete, further affecting internal finishes. It also allows avoiding an external 

waterproofing membrane, which is time-consuming as well as expensive. 

The element is divided into a number of individual segments each about 20–25 m long. These 

segments can be cast without any early thermal shrinkage cracks, so the element is watertight 

as long as the concrete itself is watertight. Segments are temporarily longitudinally prestressed 

together to form a continuous element while it is being floated, towed and immersed. After 

the element has been placed this prestress is generally cut. The result is a reinforced concrete 

tunnel with regularly spaced articulation joints (20–25 m) and hence very small longitudinal 

bending. Articulation occurs not only at the joints between the elements but also at the 

segment joints. Occasionally, for example in seismic regions, prestress is designed to be left in 

place permanently (Lunniss and Baber, 2013), providing additional longitudinal strength. 

However, it is relevant to note that joint stiffness, settlement profiles and, hence, loading on 

the tunnel structure will be different in either circumstance. 

Joints between segments are simple match cast half-joints that act as shear keys between 

segments and prevent any vertical or transverse differential movement. They allow some axial 

movement so that, as concrete ages and temperature changes, no tensile stresses develop. 

They also allow some rotation to accommodate any differential settlement that may occur. 

Joints rely on rubber waterstops for water tightness, generally internal, which are able to be 

grouted after installation to seal any water paths in the concrete around them.  

Concrete tunnels have greater flexibility of the cross section to accommodate crossing 

requirements. On the other hand, a disadvantage may be resisting higher water pressures, for 

tunnels at greater depths. As pressure increases, the rectangular shape typical of a concrete 

section becomes less structurally efficient. This leads to rounding or chamfering the corners in 

concrete sections, which has to be done in such a way that it does not interfere with the 

required traffic or rail envelope. Thus, the rounded shape of the steel shell is naturally a more 
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structurally efficient section in resisting water pressure. The concrete segmental form has 

more joints to consider, and in seismically active areas, it is still more common to use 

monolithic elements to avoid segment joints opening and leaking. The other used option is not 

cutting the prestress between segments. Both may yet result in large deformations in the 

immersion joints and stresses in the tunnel structure, which can require implementing seismic 

joints at each immersion joint or, alternatively, a single seismic joint at each end of the tunnel. 

 

2.4. Composite tunnels 

Composite tunnels basically consist of a sandwich of unreinforced concrete between two steel 

plates, connected with shear studs (Lunniss and Baber, 2013). Concrete is placed in a very fluid 

self-compacting mix to ensure sufficient compaction and complete filling of the space between 

steel plates. 

Spacing of the shear studs that connect the steel plate to the concrete has to be limited so that 

the plate does not buckle under compression between shear studs. Studs extend through the 

full depth of the section and are anchored in the compression zone to be effective resisting the 

shear loading in the section. Stiffness of the section varies significantly as concrete cracks. 

The steel concrete sandwich is a very strong and ductile structural solution, with thinner 

structural members. In the ultimate limit state, it can accommodate large deflections, which is 

particularly relevant when large deformation is imposed by severe earthquakes. It can also 

resist high water pressure for deeper immersed tunnels. 

A composite section requires thinner walls and, thus, is an elegant and efficient solution to a 

structural problem. Nevertheless, any immersed tunnel demands a fixed amount of ballast to 

hold it down, so the weight still has to be provided by ballast boxes on the roof or internal 

ballast under the roadway. Other disadvantage is the fact that the internal steel skin does not 

lend itself to the many box outs and openings that are needed in a modern road tunnel. Fire in 

the tunnel is a relevant hazard in sandwich construction because of the significance of the 

inner steel plate to the strength of the section. Damage to the inner steel plate would lead to a 

loss of strength, although a layer of fire protection applied to the inner steel skin can limit 

damage. 

 

2.5. Mechanical and electrical installations 

Mechanical and electrical installations allow safe operation and maintenance of the tunnel. In 

road tunnels, they include ventilation and fire safety, lightning, communications, control 

systems and drainage. Provision of an emergency escape route affects the planning of the 

tunnel at the outset as it can influence the layout of the tunnel cross section. In fact, there are 

two main evacuation possibilities. Access can be provided to the other road cell through 

emergency doors in the central wall, spaced about 100 m apart, which gives the minimum 

width of the tunnel section and consequently minimum cost. Alternatively, and the preferred 

option, a separate emergency escape cell can be provided between traffic cells. This would be 

approximately 2 m wide and would be accessed by emergency doors from each carriageway. 
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To keep the escape passage free from smoke in the event of an accident, the cell would be 

kept at a slight over-pressure to the traffic cells. This cell can provide safe access to the surface 

or to the other traffic cell, away from the accident. It can also be used to accommodate service 

cables and pipework. A common arrangement is to divide the escape cell into two or three 

compartments, with cable (and ventilation) and pipework running above and below the 

pedestrian escape route, respectively. Moreover, it can be used as a combined 

cycling/pedestrian route, as in the case-study presented in this thesis (section 2.12.). 

Circumstances are slightly different in a railway tunnel. Operationally, trains often try to clear a 

tunnel before stopping in the event of an emergency, but that is not always possible, so 

provision still must be made to evacuate the passengers. The principles are similar to road 

tunnels. Doors give access either to another rail cell or to a separate evacuation cell. 

Ventilation is of paramount importance to the final cross section design, and, therefore, to the 

cost of the tunnel. The ventilation system provides sufficient fresh air into the tunnel to keep 

the exhaust emissions within limits that are safe for the tunnel users. In addition to this, it also 

has to be able to control the smoke and heat developed in case of fire. The ventilation system 

must also expel the smoke from the tunnel, directing it away from the users and giving them 

time to escape, so it must control both speed and direction of airflow in the tunnel cells. 

The simplest form of ventilation in an immersed tunnel is the longitudinal system (Figure 2.4). 

This uses the traffic cell itself and sufficient air is pushed through it to maintain the pollutants 

at safe levels (Lunniss and Baber, 2013). 

 

Figure 2.4 – Vertical profile of longitudinal ventilation system (Lunniss and Baber, 2013) 

 

There are two main ways of providing this ventilation. The most basic is to have jet fans 

mounted in the roof. Air is drawn in at one portal, blown through the tunnel by the fans, and 

blown out through the other portal. The fans can be placed at regular intervals along the 

tunnel above the traffic envelope. However, as they make the tunnel approximately 1 m 

higher, the extra height over the full immersed length is a considerable penalty. More recently, 

to avoid this, fans are placed in niches in the tunnel roof, preferably without having to raise 

the external tunnel roof line. This arrangement gives the lowest height of tunnel element as no 

extra height is needed to accommodate the fans, but it may involve a greater number of 

smaller diameter fans.  

An alternative form of longitudinal ventilation is the Saccardo system. Air is blown into the 

tunnel through the roof via a nozzle close to the tunnel portal. Fans are located in a building 

above the tunnel and blow air into the tunnel at high velocity, so not only is there space saving 

in the tunnel, but maintenance of the fans is simpler and safer as they are not in the tunnel. 
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Longitudinal ventilation is the most common form of ventilation in immersed tunnels as it does 

not require extra space to duct air either in or out of the tunnel. The fans do not necessarily 

operate all the time as the piston effect of the traffic provides a level of natural ventilation. 

The longitudinal system is appropriate for a certain tunnel length, which depends on the traffic 

flows, the percentage of heavy goods vehicles, and the level of vehicle emissions. Currently, 

road tunnels up to 4–6 km in length can be ventilated with a longitudinal system, with the 

polluted air being discharged through the portals. 

There is a limit to the applicability of the longitudinal ventilation system. The longer the tunnel, 

the greater the amount of pollutants, and allowed levels may be exceeded. To overcome this, 

more fresh air has to be injected into the system. The simplest approach is with a semi-

transverse ventilation system (supply system in Figure 2.5). This system requires additional 

cells to carry the fresh air. Fresh air is ducted into the tunnel in separate cells and inserted into 

the traffic cells at low levels and at regular intervals along the tunnel. They can either be at the 

sides of the traffic cells or below them. Placing on the sides is preferable in a rectangular 

tunnel as additional width is cheaper to provide than additional depth. This air is then 

discharged through the tunnel exit portal in the same way as for longitudinal ventilation. The 

main drawback to such a system is clearly the additional space required for the air ducts, 

which adds considerably to the overall cross section, typically 30% in area, and, therefore, the 

cost of the tunnel. They cannot be used as escape cells because the air velocities in them are 

too high. 

 

Figure 2.5 – Vertical profile of fully transverse ventilation system (Lunniss and Baber, 2013) 

 

If a semi-transverse system cannot be designed to cope with the ventilation, then a fully 

transverse system can be used (Figure 2.5). With this system, fresh air is ducted into the tunnel 

along its length as with the semi-transverse system, but, in addition, polluted air is also 

removed from the traffic cell along its length. Such a system requires yet more ducts to extract 

the polluted air, increasing the cross section even more. The space above and below the 

carriageway in a circular steel tunnel lends itself to this approach. Concerning firefighting 
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scenarios in the tunnel, fully transverse and semi-transverse exhaust systems enable the 

smoke to be extracted directly at the location of the fire.  

In what concerns rail tunnels, the critical design situation is again the fire scenario, so the 

system has to be designed to cope with smoke from a train fire. The principles are the same as 

for road tunnels and the solutions similar, with longitudinal ventilation being the simplest and 

cheapest option.  

 

2.6. Structure Sizing 

Once the functionality of the tunnel has been determined, the basic layout of traffic tubes has 

been chosen and some key parameters, such as the alignment and ventilation system, have 

been decided on, the next step is sizing and designing the structural members and looking at 

the stability and buoyancy characteristics of the tunnel. 

The first consideration in sizing is to fix the internal traffic envelope for vehicles or for railway 

rolling stock. In a road tunnel, minimum headroom and width requirements are based on the 

speed of traffic and lane width. For a rail tunnel, the kinematic envelope must be obtained for 

the railway rolling stock that is planned (Lunniss and Baber, 2013). 

There will be a minimum space requirement for mechanical and electrical installations. It is 

important to define whether there will be a separate service tube or whether space needs to 

be found under the roadway for services. In addition, if the tunnel is to be longitudinally 

ventilated, some space above the road or railway may be needed to accommodate fans or 

niches provided in the roof slab. Otherwise, a minimum clearance of about 0.30 m is usually 

provided above the traffic clearance envelope to accommodate signs, lighting, and cabling. 

The allowance for the alignment needs to be included. This might be a super elevation if the 

highway is curved horizontally, or if not, a simple cross fall of typically 2–2.5% to ensure the 

carriageway will drain satisfactorily. In addition, some extra horizontal width may need to be 

added if the curvature is tight or if the alignment is curve within a straight tunnel element. 

Construction tolerances, for element placing, unexpected differential settlements between 

elements when placed on a gravel bed or sand foundation, before the shear connection is 

formed, and deviation in the finished surface, have to be considered as well (Lunniss and 

Baber, 2013). 

In order to optimize structural sizing, it is clearly most cost-effective to minimize the internal 

air volume of the tunnel as this, in turn, minimizes the size of the structure and, hence, its cost. 

It is undesirable to have excess space in the tunnel or additional air volume purely to achieve 

the necessary floating characteristics because the more air space in the tunnel, the more 

concrete and steel is needed to hold it down. Firstly, the structure gauge shall be fit as closely 

as possible to the required clearance envelopes for traffic and equipment. Then, the depth of 

required ballast concrete shall be assessed, considering a minimum depth to accommodate 

drainage pipework and gulleys that will collect surface water from the roadway or railway 

track bed. Therefore, beneath a roadway, the typical minimum thickness will be about 0.50 m. 

The actual depth of ballast concrete will depend on the weight required to achieve the factors 
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of safety against uplift. The various elements that need to be allowed for a road tunnel are 

shown in Figure 2.6. 

 

Figure 2.6 – Internal clearances for a typical road tunnel (Lunniss and Baber, 2013) 

 

2.7. Stability and buoyancy 

Immersed tunnel elements must be designed to be able to float, be transported safely and be 

immersed using ballasting techniques that involve manageable quantities of water ballast. It 

must also be possible to maintain a net downward force using permanent ballast in the final 

condition. To ensure that the tunnel remains stable when constructed and that there is no risk 

of upward movement due to uplift forces, it is necessary to assess the net downward force 

compared to the net upward force. 

The most important early part of the design process is sizing of the structure to satisfy the 

requirements of each stage of construction. At each stage, the buoyant behaviour needs to be 

checked, considering the loads applied at that particular time and the desired floating (or 

sinking) characteristics. The study of the buoyant behaviour will provide two conclusions: it will 

verify that, considering the sizes of the structural members and the internal air volume, the 

structure can be constructed as an immersed tunnel; and it will confirm both the sizing of 

temporary ballast tanks, based on the weight of water needed to immerse the tunnel 

elements, and the space required for permanent concrete ballast (Lunniss and Baber, 2013). 

To achieve weight balance, initial thicknesses of walls and slabs must be selected to calculate 

the weight of the structure. A ratio span/thickness in the order of 10:1 is appropriate for a first 

assessment, noting that base slabs are generally slightly thicker than roof slabs because of the 

higher water loading applied to the base of the tunnel (Lunniss and Baber, 2013). 

In evaluating the buoyant behaviour, the nominal weights of the structure and water should 

be considered, with no load factors applied. Instead, the variation in material densities should 

be considered and a light condition and heavy condition assessed. The light condition 

considers the maximum water density, to give the maximum weight of displaced water, and 
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the minimum structure material densities. The tunnel element will sit at its highest in the 

water in this condition, with the maximum possible freeboard. The heavy condition is the 

reverse and considers the minimum water density that might be encountered and the 

maximum structure material densities, to get the heaviest possible condition and to determine 

the lowest position of the structure in water, with the minimum possible freeboard.  

Uplift must also be assessed for a number of design situations during construction of the 

tunnel, which include: the situation when elements are ballasted in the dry dock or casting 

basin ahead of float-up; the initial immersion when elements are first placed onto temporary 

supports or onto a gravel bed; after the immersion of the elements for the longer-term 

temporary condition; and during ballast exchange, when water ballast is replaced by concrete 

ballast. Finally, the permanent condition with all loadings applied shall be considered (Saveur 

and Grantz, 1997). 

 

2.8. Design loads 

The permanent loads that must be considered in the design of an immersed tunnel structure 

fall into five categories: self-weight of the structure; water forces; permanent ballast; finishings 

(that cannot be removed during maintenance); backfill (Lunniss and Baber, 2013). 

The self-weight of the structure is the most critical because it has the largest influence on the 

floatability of the element. Too heavy and the element will not float; too light and it may not 

be possible to accommodate sufficient ballast to provide the necessary factor of safety against 

uplift. During buoyancy analysis of the section, a range of material densities must be 

considered to test the sensitivity of the structure to possible variations in material density. For 

a preliminary estimate, the mass of reinforcement in the section can be taken as 110 kg/m3 for 

a segmental concrete element or 150 kg/m3 for a monolithic concrete element. 

The longitudinal water compression force in any vertical section of the tunnel is equal to the 

water pressure that would act at the centroid depth times the gross area of that section. The 

longitudinal water compression force will follow the changes in water depth (e.g., by the tide), 

as long as the immersed part of the tunnel has a free end and friction between the free end 

and the section under consideration can be ignored. The water compression will be fixed as 

soon as the tunnel is closed between terminal structures. Compression is assumed to act at the 

centroid of the structure when flexible intermediate compression joints are used. 

Losses of the fixed water compression are caused by time-dependent relaxation of rubber 

compression joints and shortening of concrete (mainly due to temperature deformation), 

causing decompression of the joint. The degree of relaxation of the rubber compression joints 

varies with the characteristics of the selected type of rubber and the range of compression. 

Generally the loss will be about 50% of the initial compression (Saveur and Grantz, 1997). 

The ballast will usually be either mass concrete placed within the tunnel section or rockfill 

placed in a ballast box on the tunnel roof. The ballast offers the possibility of rectifying some 

mistakes made earlier in construction. For example, if the element is built too light, then there 

is the possibility of increasing the density of the ballast to achieve the required factor of safety 
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against uplift. Heavyweight aggregate could be used in the ballast concrete. Conversely, if the 

element is too heavy, lightweight aggregate can be used in the ballast concrete. 

Load from the backfill should be included for structural design and settlement analysis. For 

buoyancy analysis, the safest approach is not including frictional resistance of the backfill on 

the tunnel walls, when considering buoyancy of the element. However, when analysing 

settlement of the elements, it is common to include the frictional downdrag of the backfill on 

the tunnel walls. Any fill above the tunnel can be considered a permanent loading, provided it 

is protected by a rockfill protective layer so that it cannot be scoured away. Similarly, it is often 

admissible to include about 50% of the rockfill protection layer as a permanent load. Whether 

the weight of any fill above the rockfill protection can be considered depends on the particular 

circumstances. If the tunnel is particularly deep, then some of this backfill, for instance up to 

3 m below the finished level of the backfill, could be included (Lunniss and Baber, 2013).  

Variable loads that need to be considered in the design of the tunnel structure include live 

loads due to road vehicles and railway rolling stock travelling through the tunnel (Lunniss and 

Baber, 2013). 

Although the tunnel is buried, seasonal temperature variations will cause it to move due to 

expansion and contraction of the structure. These movements have a direct influence on the 

design of immersion joints and segment joints. In addition, temperature differences between 

the inside and the outside of the tunnel will impose distortions to the tunnel structure that 

induce bending moments and shear forces in the structural members, which will need to be 

considered in the design of the slabs and walls of the tunnel. There are also temperature loads 

that shall be considered in the construction phase, such as thermal movement during curing. 

Finally, accidental loads, like flooding, loss of support, ship impact, falling and dragging anchor, 

fire, explosion and propeller scour also need to be considered (Lunniss and Baber, 2013). 

Earthquake loading and its consequences, in particular liquefaction, will be discussed in more 

detail in chapter 3. 

 

2.9. Joints 

Immersed tunnels are rigid structures in the longitudinal direction. The stresses with which the 

structure will respond to axial tensile strain (temperature) and longitudinal bending strain 

(unequal settlement or large surcharge discontinuities) depend on the material properties and 

the longitudinal articulation (Saveur and Grantz, 1997). 

Steel shell tunnels have approximately the same longitudinal flexural stiffness as concrete 

tunnels. Nonetheless, by virtue of the inherent ductility of the steel shell, they have a larger 

longitudinal strain capacity, and are therefore less sensitive to foundation variability and 

temperature deformations than concrete tunnels. Generally the steel shell is made fully 

continuous within the length of the immersed tunnel and with special joints at the terminal 

structures (e.g., BART Tunnel in San Francisco) or with sleeved joints (e.g., Boston's Ted 

Williams Tunnel). The continuity joint is often made by a bayonet-type fitting of the abutting 

ends of the interior shells, which are lapped by plates welded to them on the inside. 
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Temporary water tightness is achieved by tremie concrete between the shell and a cofferdam 

formed by the "element end bulkheads" and side closure plates (Saveur and Grantz, 1997). 

Regarding concrete tunnels, they are usually provided with permanent flexible joints to reduce 

restraint to temperature contraction and flexural bending. The solid rubber gaskets generally 

used between concrete immersion elements can usually provide enough flexibility for this 

purpose without losing their sealing capacity, but only transfer compression forces effectively. 

To prevent shear deformation in an intermediate joint, which is desirable for the alignment 

and for sealing performance, shear keys are required. 

There are many types of joints involved in the construction of an immersed tunnel, namely: 

immersion joints between tunnel elements; segment joints between segments of a concrete 

element; terminal joints at the ends of the immersed section of the tunnel; closure joints, the 

last joints formed in the immersed part of the tunnel; seismic joints, which are variations to all 

the above joints in seismic regions; and construction joints between concrete pours. 

The objective of any joint in an immersed tunnel (other than the construction joints) is to allow 

articulation of the structure while creating a barrier to water ingress, through sealing gaskets. 

Joints shall be designed and detailed to be 100% watertight (Lunniss and Baber, 2013).  

In what concerns immersion joints, the procedure for forming the connection between two 

tunnel elements during the immersion process is shown in Figure 2.7. A continuous rubber 

gasket is fitted around the external perimeter of the tunnel, most commonly called a Gina 

gasket, composed by a lower stiffness nose and a higher stiffness body. When the tunnel 

elements are pulled together during immersion, the soft nose makes contact with the end face 

of the opposite element and provides the initial seal that allows the joint space to be 

dewatered. The ends of the elements are fitted with bulkheads, which make the elements 

watertight and are set back a little from the end of the tunnel element. During the initial 

pulling together, water is trapped in the space between the bulkheads. The pressure in this 

space reduces as it is dewatered, but the full water pressure is still exerted on the other end of 

the tunnel element. This out-of-balance water force causes both the tunnel element to move 

closer to the previously immersed element and the Gina gasket to compress further. The 

compression load is now taken by the stiffer main body of the Gina gasket. 

The finishing works to the joint include the installation of a second seal, an Omega seal, on the 

inside of the Gina gasket and the construction of shear connectors to ensure that the tunnel 

elements cannot displace horizontally or vertically relative to each other. There may also be 

specific features to control future movement of the tunnel under loading, such as during 

seismic events. Concrete tunnels have the typical arrangement of Gina gasket and Omega seal 

shown in Figure 2.8. Nowadays, this combination of sealing gaskets is also being adopted in 

steel tunnels. 

In selecting the appropriate Gina gasket, the following need to be considered with regard to its 

movement capacity: force–compression characteristics; modification of the seal characteristics 

over time due to creep, relaxation and aging; initial and overall compression; effect of local 

tolerances; residual compression capacity required once all other effects have been taken into 

account; change in sealing pressure due to opening of the joint because of settlement and 
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shrinkage; temperature when the joint is sealed and subsequent variation causing movement; 

backfill friction restraining movement; accuracy of placing the tunnel element; realignment of 

the tunnel; seismic movements, if applicable (Lunniss and Baber, 2013). 

 

Figure 2.7 – Formation of immersion joints (adapted from Lunniss and Baber, 2013) 

 

The Omega seal is fixed in place shortly after the immersion process. A suitable seal should be 

selected to accommodate the predicted movement range at the immersion joint over the 

lifetime of the tunnel. Movements along the axis of the tunnel will occur due to temperature 

change, shrinkage, and creep, resulting in the opening or closing of the immersion joint and 

the corresponding stretching or compressing of the Omega seal. In addition, settlement effects 

may cause some opening or closing. Moreover, before shear keys are introduced and relative 

positions of adjacent tunnel elements are fixed, a degree of shear movement may occur. Thus, 

the selected seal must be able to deal with both elongation and shear movements. Depending 

on the chosen Gina gasket, the immersion joints may typically be able to absorb a 

displacement of up to ±0.02 m, which may be enough also in moderate seismic regions (Xiao et 

al., 2015, Oorsouw, 2010). Although the tensile displacement could theoretically reach the 

compression given by the hydrostatic force (which could be easily over 0.10 m) before leakage 

occurs, this is usually not recommended, as the compression would be in the flat portion of 

the force-compression curve, indicating that the gasket was relying on its soft nose for sealing, 

rather than on its body. 

 

New tunnel element is lowered 

toward previous tunnel element 

placed in dredged trench. 

New tunnel element is pulled up to 

previous placed tunnel element to 

compress tip of Gina gasket and form 

a water tight seal, trapping water 

within the space between bulkheads. 

Bulkhead space is dewatered. Out-of-

balance water force forces Gina 

gasket to compress and joint closes 

further. Bulkheads can then be 

opened internally and second 

internal watertight seal is fixed. 
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Figure 2.8 – Components of immersion joints (including Gina gasket and Omega seal)– roof slab of concrete 

tunnel (Lunniss and Baber, 2013) 

 

After the tunnel elements are placed and the Omega seal is fixed, the internal part of the 

immersion joints can be completed. This comprises a section of infill concrete that protects the 

Omega seal and is usually made continuous with the concrete of the tunnel element on one 

side, leaving a gap for expansion and contraction at the opposite side. The concrete in the base 

of the tunnel then supports the ballast concrete layer and the road or railway. 

Regarding segment joints, they are match-cast joints that have no continuity reinforcement 

through them and are de-bonded to allow articulation and the opening and closing of the joint. 

Rotation is permitted, but vertical and horizontal displacement of one segment relative to 

another is prevented or restricted by shear connections or by the shape of the joint itself. 

Segment joints are typically spaced at 20–25 m through a tunnel element to permit 

articulation of the structure in the event of settlement, thus limiting longitudinal bending 

moments and minimizing reinforcement quantities. This length also aids with controlling early 
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age thermal and shrinkage cracking. The segment joint incorporates a watertight seal across 

the match-cast faces, usually a grout injectable waterstop (Figure 2.9). 

 

Figure 2.9 – Typical segment joint (Lunniss and Baber, 2013) 

 

It is common to require a second barrier to water ingress, in addition to the grout injectable 

waterstop, as, for instance, hydrophilic seals. They also prevent the joint from opening and 

closing freely and the soil from entering the joint gap. These are set into the match cast joint, 

on the inside of the injectable waterstop, and have a delay to avoid expanding during initial 

concreting. A Neoprene or HDPE ACME-type seal, which is compressed and glued into a recess, 

is normally applied to the walls and roof after casting of the segments. For the base slab a 

stainless steel plate is used, cast into one of the tunnel segments, using an anchor or shear 

stud to hold it in place. The opposite side of the plate beneath the second cast concrete has a 

debonding material applied so that it can slide against the concrete as the joint opens and 

closes (Lunniss and Baber, 2013). 

Terminal joints are the joints located at the ends of the immersed part of the tunnel, though 

they are not necessarily the last joints to be constructed. Generally, they join the immersed 

tunnel to the adjacent cut-and-cover tunnel or to a ventilation building. 

For many tunnels, the terminal joint may have a particular function, specifically: enable 

increased rotation at the joint compared to regular immersion joints; provide support to the 

end of the immersed tunnel; accommodate large seismic displacements; provide a transition 
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to a different form of construction, for example, a bored tunnel. However, often, terminal 

joints are very similar to normal immersion joints between tunnel elements. 

Moreover, the terminal joint may have to be provided with some sort of shear key to prevent 

differential movement between sections. In extreme cases, if the ground under the immersed 

tunnel is particularly deformable, these shear forces may be very large. It might be necessary 

to replace a section of the deformable ground with a better granular material before the 

tunnel element is placed, to improve the foundation characteristics and reduce shear forces. 

This ground improvement might be achieved as well by installation of stone columns. Another 

option is to support the end of the immersed tunnel element with piles and a crosshead 

(Lunniss and Baber, 2013). 

Terminal joints also have a part to play in the design of immersed tunnels in seismically active 

regions. The individual joints between the immersed tunnel elements are designed to cope 

with earthquake induced movements. Nevertheless, if the terminal joint connects the 

immersed tunnel to a less flexible and more stable cut-and-cover tunnel these movements can 

result in a larger displacement at the joint. Besides, the terminal structure to which the end 

element must connect (e.g., a ventilation building) will usually have a very different natural 

period of vibration, which could cause large relative movements between both structures. 

Thus, the seismic motion may control design of the joint and its waterproofing detailing, 

ultimately even requiring a full seismic joint with triaxial motion capability (Grantz et al., 1997).  

The closure joint is the final joint formed between the immersed tunnel and one of the 

approach structures, or between two tunnel elements. Typically, a space of 0.5 to 1.5 m, left 

between the two structures, is in-filled in one of the following ways: concrete tunnel in-situ 

joint; prestressed segment; terminal block; v-wedge; steel tunnel tremie joint; or dry joint. If 

the immersed tunnel is placed first, before the approach structures are completed, the end of 

the final element can be exposed and a connection made in the dry, similar to the terminal 

joint. Otherwise, a wet joint, constructed underwater, will need to be formed. 

In a conventional closure joint process of construction, tunnel elements are placed leaving a 

0.5–1.5 m space between the ends of the two elements. Then, the joint space is blocked out 

by wedges or jacks and closure formwork panels are assembled around the external perimeter 

of the tunnel. The bulkhead space is dewatered and concrete slabs and walls are formed by in-

situ concreting from within the tunnel. Finally, temporary wedges or jacks are removed and 

the load is transferred to the permanent concrete (Lunniss and Baber, 2013). 

The choice of articulation at the closure joint will depend on the overall articulation of the 

tunnel, and in particular, on how the tunnel needs to behave at the closure zone. It is possible 

to either build the joint to make the tunnel structure continuous or provide a degree of 

flexibility. Provision of a combination of a segment joint and a construction joint is common 

practice, with injectable waterstops in both joints to provide water tightness. An alternative 

arrangement would be to introduce an additional immersion joint within the length of the 

tunnel element close to the closure joint location. Another more recent solution is the V-

wedge joint (Figure 2.10). The technique takes advantage of the difference in water pressure 

between the roof and the base slabs to maintain stability of the segment once it is connected 
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to the tunnel on either side. Therefore, it has inherent stability in addition to being physically 

connected to the remainder of the tunnel.  

 

Figure 2.10 – V-wedge closure joint (adapted from Lunniss and Baber, 2013) 

 

Seismic joints are designed to maintain integrity and water tightness of the tunnel during a 

seismic event. In moderate seismic zones, typically normal immersion joints and terminal joints 

accommodate expectable movements. Under high levels of seismic loading, however, there is 

a risk that joints displace to a point where they lose water tightness and flooding of the tunnel 

can happen. Seismic joints may be needed at each immersion joint or, alternatively, there may 

just be a need for a single seismic joint at the connection to the approach structures at each 

end (Lunniss and Baber, 2013). 

Typically, a seismic immersion joint will contain the rubber Gina gaskets that are used for the 

immersion process, plus a secondary seal such as the Omega gasket, but will also have a 

restraining mechanism to prevent the joint from opening to a point where leakage can occur. 

The most common approach is the restrained joint, which has restraining bars or prestressed 

tendons installed across the joint that are not initially tensioned (Figure 2.11). As the joint 

tends to open, tension is introduced into the system and the bars or prestress tendons become 

active. They may permit a small amount of strain, but no more than the Gina gasket can 

tolerate before losing its watertight seal. The cables or bars are connected up after the 

elements are immersed. They are installed ahead of immersion, but withdrawn into a recess, 

so that the duct can be made watertight while the elements are afloat or being immersed. 

Once the bulkheads are removed, the bars are then pulled through and connected from each 

side to a coupler. Once connected, no prestressing force is applied. 

Water pressure 
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Figure 2.11 – Seismic immersion joint (Lunniss and Baber, 2013) 

 

Finally, in construction joints in concrete tunnels it is critical to guard against leakage, 

particularly in those without an external membrane. As a basic principle, the number of joints 

in the external perimeter of the tunnel should be minimized. As well as minimizing the points 

of potential weakness, this assists with the control of early age cracking and shrinkage cracking 

due to joint restraint. 

It is rather practical to cast the base of the tunnel first and then the walls and roof together as 

a second concrete pour, as this means having joints only at the base of the walls. In fact, while 

these joints have a natural compression built in from the weight of curing concrete above, this 

is less so at the top of the walls where joints shall be avoided. 

At construction joints in tunnels without membranes, it is imperative to provide a barrier to 

water within the joint interface. Although concrete surfaces should be pre-prepared by 

scabbling to ensure that a good key is achieved, a waterstop or grout injectable tube should be 

provided. It is also cost-effective to include a simple hydrophilic seal on the joint interface as a 

back up to these. 

 

2.10. Shear keys 

Shear keys are designed to reduce differential settlements between adjacent tunnel joints and 

between individual segments, for concrete segmental tunnels, thus avoiding damage to the 

watertight components of the joint and consequent leakage. A lower loading of the permanent 

shear keys can be obtained if a percentage of the predicted settlements is allowed to occur 

before their installation. 

Shear keys for concrete tunnels are located in the space on the inside of the Omega seal. It is 

quite common for the walls to be widened locally to increase the width of wall available for 

the shear key construction. Historically, they have also been located in the base slab of the 

tunnel. In some steel tunnels, shear force transfer has been achieved by making the tunnel 

continuous across the joint. More recently, with a change to flexible immersion joints, the 

shear keys can be constructed in the permanent inner reinforced concrete lining on the inside 

of the steel shell. The following types of solution are commonly used: steel shear keys, dowel 

shear keys, discrete shear keys in walls and slabs and half-joints (Lunniss and Baber, 2013). 
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Steel shear keys may be deep I-sections or box sections mounted on a base plate secured to 

the end of the tunnel element. To resist the vertical movement in both directions, a three-part 

shear key is required. This means the overall depth of an individual steel key is a little less than 

one-third of the tunnel height, considering the space needed for immersion joint components 

in the top and bottom slabs. Two keys are fixed to the end of the already placed element and a 

single key to the corresponding end of the next tunnel element. 

The combination of shallow depth and high eccentric loading means that a high level of 

tension arises at the extreme fibre of the shear key due to the moments applied. This tension 

needs to be transferred back into the tunnel element structure and can require a significant 

quantity of horizontal tensile reinforcement and high tensile bars to fix the base plate of the 

shear key to the concrete structure. The use of bearings in the shear key assembly will mitigate 

uneven loading.  

Dowels cast into the second stage infill concrete placed above the immersion joint can offer a 

suitable shear connection. The dowels are commonly steel circular hollow sections filled with 

concrete, fully embedded into one side of the immersion joint, but sitting within a sleeve on 

the opposite side, which allows movement and joint rotation to occur.  

This type of shear connection has a limited shear capacity compared to discrete shear keys in 

tunnel walls, due to the limited depth of concrete in which dowels can be located. Because 

dowels need a reasonable depth of concrete in which to be fixed, the only place where they 

can be located is in the base of the tunnel within the ballast concrete depth. This limits the 

shear capacity of the joint as a whole. Moreover, as the shear force transfer is concentrated at 

the dowels, loads can be high and the shear stresses can demand high levels of reinforcement 

to prevent shear failure of the concrete. 

The half-joint arrangement shear key has been a popular form of shear connection for 

concrete segmental tunnels. The typical arrangement is shown in Figure 2.12. The end of each 

segment is finished as a half-joint and effectively provides a spigot and socket type connection 

between tunnel segments. The section thickness for external walls is typically around 1 m, 

which enables approximately 0.5 m thickness of section to be utilized in resisting shear forces.  

 

Figure 2.12 – Half-joint shear key (Lunniss and Baber, 2013) 
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This is an attractive solution from the point of view of simplicity of detailing. A difficult aspect 

of the design, however, is to assess the proportion of the half-joint that is effective in 

transferring shear. Because of shear lag effects, for wide spans of up to and in excess of 10 m, 

large parts of the half-joint are likely to be ineffective, as shear transfer is concentrated in the 

zones close to the walls of the section. This restricts the capacity of the joint. 

The injectable waterstop is cast into the outer part of the half-joint. Reinforcement detailing 

around the waterstop should ensure the external concrete is not left unreinforced or this could 

be at risk of spalling as the joint rotates. Correct detailing for the half-joint is needed to avoid 

shear cracking. Because of the shear lag effects and the limited capacity of the joints, this type 

of solution is now less favoured compared to discrete shear keys. 

Discrete shear keys are an attractive solution because it means shear connections are in the 

most appropriate locations for shear transfer through the structure: in the walls. The typical 

arrangement is shown in Figure 2.13. In this case, there are no issues of shear lag in the slabs 

leading to lengths of slab having ineffective shear transfer. Shear lag is considered only in as 

much as determining the relative stiffness of the walls, taking into account a short length of 

roof and base slab above and below each wall, to determine the spread of shear force 

between individual keys. This type of key has probably the greatest capacity of any of the 

shear key types described (Lunniss and Baber, 2013). 

 

Figure 2.13 – Discrete shear key (Lunniss and Baber, 2013) 

 

Single shear keys in each wall or slab or more than one key can be used. For simplicity, the 

single shear key offers easier construction and there is no loss in capacity. Good detailing to 

ensure joint articulation is required. This means rounding of the leading edges so that the joint 

can rotate. To limit friction on the contact faces, a slip membrane can be used. Alternatively, 

stainless steel plates can be used at the bearing interface to improve performance. 

Because shear keys in segment joints are cast into recesses in the end of previously cast 

segments, the effect of thermal expansion and contraction should be considered. The recess 

can cause lateral restraint to the expansion of the tunnel segment and cause early age cracking 

through the shear key. It is therefore recommended to install a compressible layer against the 

vertical faces in outer wall shear key recesses and, similarly, to the horizontal faces in the shear 

keys in the roof and base slab that control lateral movement. 
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In seismic areas, shear keys must be designed with a high level of robustness for dynamic 

forces. Dynamic cyclic loading may introduce local high stresses in concrete surfaces, resulting 

in damage. It is therefore recommended that either steel shear keys are used or that bearing 

surfaces have steel plates cast in to better tolerate dynamic loading (Lunniss and Baber, 2013).  

 

2.11. Earthworks 

Earthworks for an immersed tunnel include: dredging and backfilling of the underwater trench, 

installation of the foundations for the tunnel elements, excavation associated with cut-and-

cover approach tunnels, and, possibly, construction of a casting basin. 

Dredging is essential to build a trench at the bottom of the waterway in which the immersed 

tunnel elements are placed. Modern dredging equipment is used to remove the bed material, 

often soft alluvial or fluvial deposits. Reasonably stiff clays and some limestones can also be 

dredged successfully. Harder rock material can be removed by blasting or specialized plants if 

encountered as isolated intrusions into the trench. When the extent of hard rock is significant, 

then the immersed tunnel may not be the right solution. 

Immersed tunnel trenches are large excavations. The bottom is typically 5 m wider than the 

tunnel section. The underwater side slopes vary according to the material. In soft surface 

layers, like muds, slopes of 1:5 or flatter can be expected, even up to 1:8 in very soft 

conditions. Clay and silt can be excavated at steeper slopes, between 1:3 and 1:5, with sand 

excavations at around 1:3 and stiff clays and weak rock at 1:1 to 1:2 (Lunniss and Baber, 2013). 

This often results in a trench in excess of 100 m wide at the bed level and the quantity of 

material excavated is frequently in excess of 500 000 m3 even for a 1 km long tunnel. The reuse 

of this material, for instance as backfill, can have a significant impact on the cost as well as the 

environment.  

Immersed tunnels are frequently located in poor ground conditions. River beds, estuaries, and 

marine environments naturally feature sands, silts, alluvium and muds, often at depth, where 

ancient watercourses have existed or deposition has taken place over millions of years. Such 

conditions usually require a significant foundation solution. But immersed tunnels are an ideal 

form of construction for this environment, because the load they transmit to the soil is quite 

light. Consequently, the foundation solution can be rather simple. 

The foundation of an immersed tunnel may be considered to be made up of two parts: the 

foundation layer placed on the dredged surface immediately beneath the tunnel structure and 

the deep foundations in the substrata below the dredged trench. The foundation layer 

beneath the tunnel elements is chosen essentially between a sand foundation, a gravel bed or 

a grouted foundation. There are also combinations of gravel and grout that can be considered. 

Where ground improvement measures are required in the substrata below the foundation, 

many techniques can be used, including, for instance, soil mixing, compaction piles and stone 

columns (see chapter 7). 

The tolerances achievable with dredging equipment mean it is not possible to place a tunnel 

directly onto a dredged surface. The irregularities in the finished surface may lead to incorrect 
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alignment of the tunnel and cause undesirable loading conditions. Therefore, a thin layer of 

bedding material needs to be placed between the underside of the tunnel and the top of the 

dredged trench. There are two fundamental approaches that may be followed to form this 

bedding layer, namely (Lunniss and Baber, 2013): place the tunnel elements in the trench onto 

temporary supports, underfill the space between the tunnel elements and the surface of the 

trench, and release the temporary support; lay a close tolerance foundation layer at the base 

of the tunnel trench that the tunnel elements can be placed directly onto. 

These can be applied to any form of immersed tunnel, whether steel or concrete, and the 

choice of method will depend on a number of factors, such as: water depth, as it may affect 

what operations are able to be undertaken by divers; material availability, which can dictate 

the use of locally sourced materials, if costs of material import are high; liquefaction potential, 

which is often a driving force behind the decision between foundation types, because sand 

gradings have limited resistance to liquefaction, so grouted or gravel foundations are more 

highly favoured in seismic areas.  

There are two principal methods of forming a sand foundation: by sand jetting or by sand 

flow. Sand jetting is carried out from the side of the element by equipment moving along the 

side of the tunnel. Sand flow is carried out by pumping a sand/water mix through pipework to 

a number of outlet points in the underside of the tunnel. Both have the objective of 

completely underfilling the space between the tunnel and the dredged trench bottom. Sand 

jetting is less used now as the level of control achieved with sand flow is greater. 

In the sand jetting method, the tunnel element is temporarily supported above the bed of the 

trench. This can be achieved in a variety of ways, but the most typical is to support the primary 

end of the element on the previous element, with the secondary end being supported some 

0.60–1.00 m above the bed on two hydraulic rams, one on each side of the element. The space 

left for the sand foundation is governed by the space needed to operate the sand jetting 

equipment under the element. The sand is then injected into the space under the element. 

In the sand flow method, the sand/water mixture is pumped directly into the space under the 

tunnel through holes in the tunnel floor. This method obviates two problems of the sand 

jetting method, namely, the obstacle to navigation presented by the sand jetting equipment 

riding on the tunnel roof and traversing the river and the cost of coarse sand. It has, 

consequently, been widely adopted as the usual method of placing tunnel foundations. The 

delivery pipes are now cast into the tunnel floor and joined to external pipes carried on toes 

outside the walls. In this way, there is no direct connection between the inside and outside of 

the tunnel that could result in leakage (Lunniss and Baber, 2013). 

Gravel bed foundations exhibit different characteristics than sand foundations. Immediate 

settlement is smaller and more accurately predicted, but the major advantage is in the 

construction sequence. The gravel bed is placed before the element; it can be cleaned and, if 

necessary, repaired before the element is placed; and the time between forming the 

foundation and placing the tunnel element is minimized, therefore avoiding contamination or 

disturbance to the gravel. 
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Gravel beds offer improved performance of foundations in seismic conditions. Although it is 

important to guard against shake-down effects, which may cause the gravel layer to compact, 

the gravel will not suffer liquefaction and can be used to dissipate the build-up of excess water 

pressures in the substrata and reduce the risk of liquefaction. 

Gravel is generally more expensive than sand, but overall, the cost of a gravel bed is broadly 

similar to a sand foundation. No delivery pipework is needed in the tunnel element, there are 

no temporary support jacks and possible siltation problems are avoided. Gravel beds are also a 

more common choice of foundation for deep water and offshore environments. The method 

of installation lends itself to these circumstances and the materials are less sensitive to strong 

currents. They are formed by placing gravel by fall pipe, grab, or dumping from barges and 

then screeding to achieve a uniform top surface. 

Gravel materials can be used from a number of sources although the durability of the stone is 

important to ensure there is no degradation with time that could lead to long-term settlement. 

Grading is usually quite uniform to avoid compaction, and a friction angle of 35–40o is 

desirable, particularly if forming a discontinuous bed with individual berms where their 

stability is important. Particle size can vary within a wide range; nominal particle size may be 

typically in the region of 0.05–0.075 m, but could be coarser (Lunniss and Baber, 2013). 

Settlement will depend on the thickness of the gravel layer and this will, in turn, depend on the 

tolerance of the dredged surface, the screeding tolerance that can be achieved and the 

minimum thickness required to ensure that the gravel layer is continuous and suits the placing 

methods. Typically, gravel beds will be in the order of 0.5–1.0 m thick and the total amount of 

settlement expected would be in the region of 0.01–0.02 m (Lunniss and Baber, 2013). 

Finally, grouted foundations can be used in circumstances where it is difficult to form 

conventional sand or gravel foundations. This is usually due to deep water or strong current 

conditions, or in seismic regions, where this method is used to create a stable foundation layer 

in the event of an earthquake. For example, at great water depth, it can be difficult to achieve 

a close tolerance finish on the top of a gravel bed, so it may be more appropriate to screed the 

gravel bed to a “rough” tolerance, set the tunnel elements on temporary supports, and fill the 

space between gravel and tunnel with a pumped cementitious grout. 

The grouted solution tends to be more expensive as equipment for placing and screeding a 

gravel bed is still required, although it can be simpler than the plant required to form a close 

tolerance gravel bed. In addition, however, there is the cost of the equipment and materials 

for the grouting operation. The grout layer can be quite thin and only needs to be in the order 

of 0.10–0.15 m thick (Lunniss and Baber, 2013). The grouted layer thickness is dictated by the 

tolerance on the surface of the gravel bed and the flow characteristics of the grout beneath 

the tunnel. 

Injection of the grout is carried out through pipes set into the structural base slab of the 

tunnel. Grout materials must be chosen so that they will flow readily. However, the grout 

should be sufficiently viscous to avoid extensive penetration into the underlying gravel. This is 

particularly important if the tunnel is in a seismic zone and the gravel is intended to act as a 

water path to relieve excess pore water pressures that could build-up in a seismic event. 
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After dredging the trench and placing the tunnel elements and respective foundation layer, the 

remaining trench around the tunnel must be backfilled. The fill that is placed on each side of 

the tunnel up to about half the height of the tunnel, giving initial stability to the elements and 

locking the tunnel into position (Figure 2.14), is called locking fill.  

 

Figure 2.14 – Typical tunnel backfill (adapted from Lunniss and Baber, 2013) 

 

It should be placed in layers that are usually no more than 0.60 m thick, and are placed evenly 

on each side of the tunnel to minimize the out-of-balance horizontal force and eliminate risk of 

lateral movement (Lunniss and Baber, 2013). If a sloping profile is adopted for the backfill, 

then the horizontal shoulder of the locking fill should extend at least 2 m from the wall of the 

tunnel before the downslope starts. The locking fill must be a clean, sound, hard, durable 

granular material that is free draining and will compact naturally underwater. The grading 

should be such that it will not be susceptible to liquefaction under the design seismic 

conditions.  

The remainder of the trench above the locking fill is filled with general backfill. This should be 

free from either chemical or organic contamination. Apart from that, there is often a 

requirement that the backfill is non-cohesive to avoid loss of fine material. It is also good 

practice to place good-quality non-cohesive engineered fill adjacent to the tunnel, to prevent 

long-term consolidation. 

The trench is normally backfilled to the existing bed level so that there is no disturbance to the 

flow before construction in the waterway. However, precautions must be taken to prevent the 

tunnel backfill from being removed by scour or other changes in the bed of the waterway. To 

achieve this, a scour protection layer is placed over the backfill. It could extend some 15 m to 

each side of the tunnel so that it will deform into the depression made by any scour and 

maintain its protection to the tunnel backfill. 

The scour protection is a rockfill layer placed on top of the backfill. The size of the rockfill 

depends on the particle weight required to prevent it from being washed away by the 

waterway currents. For a typical waterway with only small navigation, a 0.75 m thick layer of 

nominally 0.15 m single sized rockfill should be sufficient, and for a larger waterway, a 1.5–

2.0 m thick layer of rockfill with �G) of 0.50 m is usual (Lunniss and Baber, 2013). The rockfill 

should be hard and durable. 

The top level of the rockfill protection is normally placed at the level of the existing seabed 

protecting the tunnel from impacts and from damage caused by dragging anchors. In navigable 

 
Rockfill protection layer 

Tunnel foundation layer 
Locking fill 

Engineered backfill 

General backfill 

Scour 
protection 

Filter 
layer 



31 
 

waterways used by large ships, anchor sizes can be considerable and, if one caught on the top 

corner of a tunnel, it could lead to damage or displacement of the tunnel element. Originally, 

concrete immersed tunnels were built with chamfered top corners to prevent an anchor 

catching on the corner, but this has now largely been superseded by designing the rockfill 

protection such that it releases the anchor from the sea bed. 

Finally, with various layers of different material around and above the tunnel, it is important to 

ensure that each layer stays in place and is not susceptible to migration of material through 

adjacent layers. Normal filter criteria are used to establish compatibility between the various 

layers. 

 

2.12. Tagus River crossing case-study 

A third Tagus River crossing is currently being considered downstream of 25 de Abril Bridge in 

Lisbon, Portugal, between Algés and Trafaria (Figure 2.15), due to the traffic increase on Ponte 

25 de Abril. This crossing would connect highway A33 at the south shore to IC17-CRIL at the 

north shore and is located in the only viable road corridor from the geographic, environmental, 

economic, technical and constructive points of view. 

 

Figure 2.15 – Third Tagus River crossing location (Câncio Martins et al., 2001) 

 

The river maximum depth is about 30 m. Furthermore, the immersed tunnel is supported on 

alluvial Tagus River sands, with a maximum thickness of around 50 m, overlaying Miocenic 

layers of increasing stiffness and strength with depth and a basalt bedrock (Figure 2.16). 
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Figure 2.16 – Third Tagus River crossing geologic profile: a – alluvial Tagus River sands; b – volcanic Lisbon 

complex; C – Cretacic unit; M –Miocenic unit (Câncio Martins et al., 2001) 

 

Tagus River sands are siliceous, clean and poorly graded sands, classified as SP according to the 

Unified Soil Classification System. Available geotechnical information from various surveys, 

namely borehole logs and SPTs, were kindly provided by Administração do Porto de Lisboa. 

Its SPT values were obtained mainly along the north shore of the river, between Algés and Cruz 

Quebrada, as well as in the landfill for the maritime traffic tower in Algés (Figure 2.17). 

Between Algés and Cruz Quebrada u varied from around 11 until 5 m depth, 20 from 5 m to 

14 m depth and 30 between 14 m and 25 m depth. In the landfill for the maritime traffic 

tower, for sands between 6 m and 10 m the average u value was 17. Similar SPT values were 

assumed at the center of the river as, at the tunnel site, flow velocities in the bed of the 

waterway are small. 

Considering the diverse tunnel solutions (Câncio Martins et al., 2001), the central tunnel 

alternative (Figure 2.15) was the one selected to be studied in this thesis. It corresponds to an 

immersed tunnel with a length of approximately 2.4 km. 

The cross-section was pre-designed in this thesis as a roughly rectangular reinforced concrete 

cross-section of around 40 m x 11 m (width x height), considering two cells with three traffic 

lanes in each direction and an additional central cell for pedestrian evacuation, a cyclic route 

and services (Figure 2.18). As the tunnel is a road tunnel with less than 4 km in length, it can be 

ventilated with a longitudinal system, combined with a semi-transverse exhaust system, to be 

used in case of fire. 

A roof and base slab thickness of around 1.50 m is used, taking into account a ratio 

span/thickness in the order of 10:1, and considering the thickness of the roof slab equal to the 

thickness of the base slab for simplicity (Figure 2.18). Equally, the member thicknesses are 

based on immersed tunnels with a similar maximum water depth of around 30 m (tunnel roof). 

The uplift permanent condition was verified for the final phase and the determined depth of 

ballast to avoid uplift was 1 m. The worst buoyancy condition was also verified to make sure 

that the tunnel floated during transportation. 

tunnel 
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The tunnel is assumed to be built by segmental construction, with the entire segment being 

concreted in a single pour (full section casting method), to ensure no early cracking takes 

place, so there will be no construction joints. The use of a waterproofing membrane is also 

avoided. Temporary prestress between segments is left in place, as possible mitigation 

measures may not be continuous over the full length of the tunnel, for economic reasons. At 

immersion joints and within segment joints, discrete shear keys are located within the walls 

and slabs of the tunnel. In each joint between elements a seismic immersion joint, similar to 

the one described in Figure 2.11, will be implemented. 

Regarding earthworks, the bottom of the tunnel trench is 6 m wider than the tunnel section. 

The underwater side slope is 1:3, which is a stable slope for a sand excavation and also 

minimizes scour of the riverbed material. A gravel fill layer with a thickness of 1.50 m is 

considered for the tunnel foundation layer, offering improved performance in seismic 

conditions. A rockfill protection layer with similar thickness is considered over the tunnel, 

containing the locking and engineered backfill. Gravel is also used in the engineered and 

locking fills. The horizontal shoulder of the locking fill extends 3 m from the wall of the tunnel 

and the slope is 1:2. Finally, the dredged material is used for the general backfill. No scour 

protection layer will be placed over the general backfill, as no changes in the bed of the 

waterway are expected. 

 

Figure 2.17 – Borehole log in the landfill for the maritime traffic tower in Algés (Administração do Porto de 

Lisboa)  
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Figure 2.18 – Simplified immersed tunnel cross-section  
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3. Seismic response of immersed tunnels 

3.1. Seismic design 

A number of immersed tunnels have been built in highly seismic regions. These include the 

BART Tunnel in San Francisco (Kuesel, 1969), many tunnels in Japan, the Aktio-Preveza Tunnel 

in western Greece and, most recently, the Bosphorus Tunnel in Istanbul and the Busan Tunnel 

in South Korea (Lunniss and Baber, 2013). This thesis case-study, a future Tagus River crossing, 

described in section 2.12., is also to be built in a seismic region. 

The seismic hazard at a tunnel site can be quantified by a design-specific seismic hazard 

assessment. An estimate of the movements of the bedrock at the tunnel site can be made by 

considering: historical records of seismicity, relevant seismic data, ground motion 

characteristics, other recent seismic hazard assessments for nearby structures, geology and a 

study of active faults likely to produce a seismic event affecting the tunnel site. 

The effects of ground attenuation or amplification based on topography and geology at the 

site can be calculated using numerical modelling. The effective movements at the tunnel due 

to the seismic event can then be determined as well as the strains in the structure resulting 

from those movements and, by using stress-strain relationships, the corresponding forces can 

be deduced (Ingerslev and Kiyomiya, 1997). Conversion of the applied strains into forces 

requires an understanding of the structural behaviour of the tunnel. Since both steel and 

concrete immersed tunnels with similar external dimensions contain similar quantities of 

concrete, it is the behaviour of concrete under tension that will greatly influence overall 

behaviour. Unless it is highly compressed or prestressed, the concrete will crack under large 

seismic loads (Ingerslev and Kiyomiya, 1997). 

In fact, design of tunnel structures under seismic loading is very different from that of above-

ground structures. The behaviour of the tunnel is displacement controlled, as it moves with 

the ground, because inertia of the tunnel, compared with the inertia of the surrounding 

ground, is generally very small, except at tunnel portals if there are above ground service 

buildings or ventilation shafts. In case of an immersed tunnel, the structure is usually stiff 

when compared to the surrounding ground and soil-structure interaction shall be considered. 

The steps to follow for seismic design are summarized in Figure 3.1. 

 

Figure 3.1 – Steps for seismic design (Lunniss and Baber, 2013) 
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3.2. Types of deformation 

The effects of earthquakes on underground structures may be broadly due to ground shaking 

and/or ground failure. Ground shaking may reduce the strength of the ground, placing 

additional loads on the tunnel support system. As a direct consequence of the shaking, 

damage may include cracking, spalling and failure of the structure (St John and Zahrah, 1987). 

The simplest analytical case of ground shaking is that of a P-wave propagating parallel to the 

axis of the tunnel, if we neglect soil-structure interaction. In fact, P-waves can cause 

longitudinal compression–tension as they travel along the tunnel length (Figure 3.2). They 

create longitudinal strains, tension/compression loads in the structure and opening/closing of 

the tunnel joints.  

 

Figure 3.2 – Axial deformation along the tunnel (adapted from St John and Zahrah, 1987) 

 

The P-wave can also propagate normal or at a certain angle to the tunnel axis, inducing lateral 

compression on the tunnel and consequently longitudinal, normal and shear strains. When the 

angle of incidence is between 0o and 90o to the tunnel alignment, there is a time lag that must 

be considered, as the P-wave will hit the structure at one end before the other end. This can 

also cause horizontal bending due to tension and compression zones arising on opposite sides 

of the structure (Figure 3.3). 

 

Figure 3.3 – Curvature deformation along the tunnel (St John and Zahrah, 1987) 

 

Regarding S-waves (which may have a vertical and horizontal component), the tunnel structure 

will distort according to the direction of travel of the waves and their angle of incidence on the 

tunnel. They will also cause longitudinal, normal and shear strains, vertical and horizontal 

bending moments in the structure and joints to open and close due to its curvature. 

 
Tunnel 
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St John and Zahrah (1987) presented the analytical procedure for estimating longitudinal, 

normal and shear strains and respective stresses, in function of the angle of incidence, and 

respective peak values, for P-, S- and R-waves. This was done for the case when soil-structure 

interaction is ignored and for the case when it is considered, the latter being more relevant for 

immersed tunnels, since the tunnel structure is stiffer than the surrounding soil and will not 

conform to free ground deformations. The maximum bending moments, shear and axial forces 

in the tunnel are generally caused by shear waves. 

Finally, racking is the result of a SH-wave passing vertically up through the ground and of the 

inertia in the ground stratigraphy, causing a horizontal distortion of the ground mass. The 

amount of racking imposed on the structure can be taken as the difference between soil 

deformations at the top and at the bottom of the structure. In a rectangular tunnel, the cross 

section is distorted, as exemplified in Figure 3.4, causing large bending moments and shear 

forces, particularly at the stiff wall–slab connections, for which it needs to be designed. If the 

structure is significantly stiffer than the soil, like an immersed tunnel, a numerical analysis of 

the soil-structure interaction is necessary, as the amount of racking shall be smaller than the 

one estimated based on the free-field deformations (St John and Zahrah, 1987). 

 

Figure 3.4 – Racking behaviour due to vertically propagating shear wave (adapted from Hashash et al., 2001) 

 

Immersed tunnels are generally embedded in soft ground close to the surface. So, their 

dynamic characteristics differ from those of surface structures, as their displacements depend 

largely on the behaviour of the surrounding ground and its stiffness. Some movements may be 

large enough for exceeding limiting friction at the surface of the tunnel, causing slippage 

between the tunnel surface and the soil. Displacements of the soft surface layers may be 

amplified by liquefaction caused by a seismic event. Therefore, ground failure can take place, if 

complete or significant loss of soil strength occurs. Changes in the underlying topography and 

geology, sudden changes in overburden, fault lines and evidence of fault dislocations, sliding of 

slopes or shear zones are also very relevant to the behaviour of the tunnel (Ingerslev and 

Kiyomiya, 1997). Thus, in what concerns phenomena that may cause ground failure, 

liquefaction (which will be described in chapter 4), fault displacement and slope instability are 

the main ones. 
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Liquefaction may cause an immersed tunnel to either float or sink, depending on the net 

pressures on the soils beneath the tunnel. Fault displacement or shear movement in the 

bedrock may be mitigated with increasing depth of soft material between the tunnel and the 

bedrock (Anastasopoulos et al., 2008). Increasing the flexibility of the joints may also mitigate 

the effect of the offset caused by the fault and avoid significant damage. Slope instability can 

be caused by ground shaking or liquefaction. As a matter of fact, soil slopes around the tunnel 

portals, on the inclined banks of the watercourse at each side of the waterway crossing, or 

even on the underwater slopes may be affected. 

 

3.3. Liquefaction 

Liquefaction of soils around an immersed tunnel can have severe consequences, including: loss 

of lateral or vertical support; movements and/or rotations of the tunnel, which may be large (6 

to 8 m movement horizontally was recorded at Niigata, Japan, in 1964); movements due to 

shake-down settlement effects, where granular material naturally densifies due to loss of its 

structure. Actually, any uncontrolled movement of the structure is undesirable and could lead 

to overstressing of the structure and leakage of the tunnel joints. 

Additionally, the tunnel may float up in the soil, which behaves like a very dense liquid, with an 

effective unit weight of around 20 kN/m3, almost twice the unit weight of the tunnel alone, 

which is usually around 10.5 kN/m3. In fact, it is possible to assess the likely movement of the 

tunnel by undertaking a buoyancy assessment of the structure and its backfill. Considering only 

the tunnel, it is naturally expected that it floats upwards as the weight of displaced dense 

liquid is most likely higher than the weight of the tunnel. However, this assumes uniformity in 

the ground conditions and that the tunnel is free to float to the surface. The backfill around 

and above the tunnel is selected engineered fill, which is not susceptible to liquefaction, so 

both the tunnel structure and the backfill materials, as well as any ground improvement, shall 

be considered when doing the buoyancy verification. This becomes rather complex to assess as 

the extent to which the backfill acts as a block with the tunnel is not easy to determine.  

A further impact of liquefaction could be to cause submarine landslips, where material in the 

shallow foreshore areas flows down into the deeper channel and increases the overburden on 

the tunnel. This could give rise to increased post-earthquake settlements, though some 

reasonable assumptions on the likely increase can be made and design accordingly. 

Therefore, the occurrence of liquefaction shall be prevented, as it is difficult to quantify the 

precise behaviour of the ground. Consequently, an assessment shall be made of the extent of 

potential liquefaction in the ground supporting the tunnel and ground treatment shall be 

designed in order to prevent any instability caused by liquefaction. 

 

3.4. Review of immersed tunnels seismic performance 

The study of dynamic soil-structure interaction in linear underground structures due to seismic 

waves is a complex engineering problem. Hashash et al. (2001) and Nam et al. (2006) 

summarized several approaches in quantifying the seismic effect on an underground structure 
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and studied the soil-structure interaction problem. These approaches included analytical tools 

and numerical models based mainly on finite element or finite difference methods. 

The analytical procedure for estimating strains and stresses in a structure that resists ground 

motion are based on the theory of wave propagation in an infinite, homogeneous, isotropic, 

elastic medium; and on the theory of an elastic beam on an elastic foundation to account for 

the effects of soil-structure interaction (St John and Zahrah, 1987). In this procedure, which 

can only be applied to a limited number of problems, a foundation modulus has to be defined, 

with a considerable degree of subjectivity associated. 

St John and Zahrah (1987) illustrated this analytical procedure for an immersed tunnel, the 

Offshore Transbay Tube (TBT) of the Bay Area Rapid Transit (BART) system, San Francisco. The 

solution procedure involved calculating the maximum forces (bending moment, shear and axial 

forces) due to both transverse horizontal shear waves and vertical shear waves and then 

calculating the design forces due to their combined effect. Considering soil-structure 

interaction reduced the maximum bending moment and shear force applied on the structure 

by a factor of 3 and 2, respectively. 

Numerical methods, on the other hand, can be used for analysis and design of complex 

structures. The finite difference method involves discretization of the equations of motion for 

the soil-structure system, replacing the differential equations by difference equations, where 

derivatives are also replaced by the ratio of changes in the variables over a small finite 

increment. In the finite element method the continuum is discretized into finite elements. 

Each of these elements is assigned constitutive and material properties and state equations. 

Then they are assembled to obtain equations for the whole structure (St John and Zahrah, 

1987). 

Kozak et al. (1999) used nonlinear finite-element analysis to study the soil–structure 

interaction behaviour due to earthquake ground motions, as part of the Posey and Webster 

Street Tubes seismic retrofit project, considering wave passage, scattering, and reflection 

effects. Finite-element analyses were performed and demonstrated the importance of utilizing 

a more detailed model, with proper definition of complex material properties and design 

details, in evaluation of the tunnel behaviour during strong ground motion. Moreover, 

implementation of nonlinear features in the 3-D finite-element global model of the tunnels 

provided designers with realistic responses and resulted in a more efficient seismic retrofit 

design for the structures. Two-dimensional local models for ultimate load capacity analyses 

due to racking complemented the global model. Finally a detailed three-dimensional model of 

the transition segment of the Posey Tube was developed and subjected to racking 

displacements to study the effects of a change in cross-section geometry. 

The three-dimensional global model had beam and truss elements representing the tunnels 

and nonlinear springs representing the soil. In a typical multiple support time history analysis, 

a series of displacement time histories representing seismic excitations were imposed at the 

boundary ends of the soil elements. The analysis was also repeated for the retrofitted 

configuration of the tunnels. In this case, the joints between elements were modified to avoid 

transmitting tensile forces, thus reducing moments and shear and axial forces in the tunnel 

elements below the respective capacity values. Parametric studies were executed to 



40 
 

determine the effect of soil spring spacing, torsional soil spring stiffness and element length on 

the seismic response of the tunnels. Parametric studies were also performed using different 

possible ground motions wave-lengths and different mesh sizes, concluding that modelling soil 

springs at 15 m intervals along the tunnel with at least two finite elements in between them 

would provide a reliable and reasonable response. The results obtained clearly demonstrated 

that implementing the proposed retrofit scheme favourably modified the responses of the 

tunnels. Moreover, the results indicated the significance of considering nonlinear behaviour of 

the surrounding soil in the response of the tunnels, namely the joint displacement. 

A two-dimensional racking analysis of the Posey Tube was also performed. The finite element 

mesh is shown in Figure 3.5, including representation of the in-situ soil, backfill, jet grout, 

outside wall, slabs and reinforcement bars. The immersed tunnel construction sequence was 

also considered. A racking displacement of 0.10 m was applied to the ground using an 

incremental inelastic static analysis. The stress distribution in the soil and concrete tunnel, 

reinforcement stresses, and crack propagation in the outside wall and slabs were evaluated. 

Location of critical shear stresses on the boundaries of the backfill and in-situ soil as well as on 

the outside wall provided a good understanding of the effect of the jet grout upgrade on the 

soil behaviour. 

 

Figure 3.5 – Finite element mesh for the racking analysis of the Posey Tube (Kozak et al., 1999) 

 

Finally, regarding the three-dimensional model of the transition segment of the Posey Tube, a 

racking displacement of 0.30 m was applied and a linear elastic incremental static analysis was 

performed to identify the locations of critical regions in the immersed tunnel at the transition 

zone. It was showed that stress values dropped rapidly after the transition, indicating that a 

sudden change in the tunnel geometry had a localized effect on its response. 

Physical models were also used to study the performance of immersed tunnels. For example, 

regarding uplift of structures buried in liquefiable soils, which include immersed tunnels, it has 

been observed during large earthquakes (e.g. Koseki et al. (1998); Susumu and Hiroyoshi 

(2006)), and reported during shaking table tests (e.g., Koseki et al. (1997, 1998); Yasuda et al. 
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(1994)), and centrifuge tests (e.g., Adalier et al. (2002), Sasaki and Tamura (2004), Chian et al. 

(2014)). Large uplift was observed in most of the cases involving strong shaking. For instance, 

Yasuda et al. (1994) analysed floatation of buried pipes and showed that: the magnitude and 

rate of uplift decreased as the unit weight of the pipe and the relative density of the liquefiable 

soil increased; more volume of liquefiable soil around and below the pipe caused more uplift; 

and allowing excess pore pressure dissipation of the liquefiable soil around the pipe greatly 

decreased the uplift magnitude. Furthermore, Sasaki and Tamura (2004) showed that most of 

the underground structures uplift displacement was accumulated during shaking; increase of 

the liquefiable soil thickness underneath the structure and of the volume ratio between the 

liquefiable soil and the structure increased uplift of the structure; uplift decreased with higher 

relative density of the soil; and the unit weight of the structure and elevation of the 

groundwater table did not have significant effect on the uplift displacement. 

Dongdong et al. (2008) assessed the vulnerability of the Offshore Transbay Tube (TBT) to uplift 

due to liquefaction of the surrounding soils. Two centrifuge experiments, performed with stiff 

and soft clay as natural soil, at the large scale centrifuge facility of the University of California 

at Davis (Chou et al., 2010), were used to study the uplift mechanism for representative 

geometry and soil conditions along the TBT alignment and provided a basis for calibration of 

the numerical tools subsequently used in design. 

Each centrifuge model was shaken with a series of simulated earthquakes that were 

progressively stronger with PGA ranging from 0.01 g to 0.66 g. The design input motions 

included: the 090 horizontal component of the Yerba Buena Island (YBI) recording during the 

1989 6.9 magnitude Loma Prieta earthquake (PGA between 0.01 g and 0.14 g) (with an 

epicentre of only around 95 km from the site this earthquake was actually experienced by the 

BART TBT without suffering damage); TCU078 recording from the 1999 7.6 magnitude ChiChi 

earthquake (PGA between 0.05 g and 0.66 g); and the Joshua Tree event, obtained by 

processing (filtering and scaling) motions at the Joshua Tree station during the 1992 7.3 

magnitude Landers earthquake (PGA between 0.05 g and 0.36 g). 

Uplift was driven by sand migrating under the tunnel with each cycle of relative movement, 

following the earthquake pulses in a ratcheting manner (ratcheting mechanism), water flowing 

under the tunnel (pore water migration mechanism) and a bottom heave mechanism, 

involving only the soft clay below the base of the trench (Chou et al., 2010).  

Negligible uplift occurred during the small amplitude YBI motion despite the rise of excess pore 

pressure beneath the tunnel to about 70%-80% of the initial effective stress. For the design 

TCU078 stronger motion, the majority of uplift occurred co-seismically and was relatively 

small, on the order of 0.25 m. This is mainly due to the fact that, to cause uplift, water or soil 

has to flow through the limited thickness of the gravel foundation course. The limited volume 

of liquefied soil and the high permeability of the soils around the base of the tunnel also 

contributed to the small uplift. The uplifts from water flow of TCU078 and Joshua Tree motions 

in both experiments are about 20–25% of the total uplift of each motion, and uplifts from 

ratcheting are about 65–80% of the total uplift of each motion. 

Moreover, the used numerical methods and constitutive models (UBCSAND constitutive model 

(Beaty and Byrne, 2011) in FLAC2D (Itasca Consulting Group) and PressureDependMultiYield01 
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model in OpenSees (University of Berkeley)) were able to reproduce the main features of this 

complex problem involving nonlinear dynamic soil response, liquefaction, water flow, and soil-

tunnel interaction. These features included vertical tube displacements due to uplift, 

amplitude and rate of pore pressure dissipation in the liquefiable trench soils and heave of 

some soil layers. The deformation pattern showed movement of liquefied soil inward and 

underneath the tunnel. 

Based on analysis results and experimental observations from centrifuge tests, Travasarou et 

al. (2011) also described the governing mechanism of uplift as a displacement-limited 

ratcheting phenomenon associated primarily with co-seismic movement of soil under the 

tunnel (it was controlled and limited by the volume of soil available to displace towards the 

buried structure). The tunnel was pushed sideways and upwards by the heavier and softened 

liquefiable soil (Figure 3.6). The displacements resulting from shearing of the soil during strong 

shaking were not recovered after the end of shaking. 

 

Figure 3.6 – Movement of liquefiable soil around the tunnel and ratcheting displacement of tunnel with alternate 

cycles of ground motion (Travasarou et al., 2011) 

 

Moreover, according to Travasarou et al. (2011), a second component of uplift might be 

related to migration of pore water in response to an existing gradient during or after the end 

of shaking. During strong shaking the contractive soils around and beneath the tunnel 

generated excess pore pressure. The respective pore fluid redistributed within the model, as 

the soil particles settled into a denser state. Due to the initial gradients, pore water flowed 

partially under the tunnel (in response to the existing difference in pore pressure to adjacent 

regions) and partially upwards to the surface. After the end of shaking, additional flow of 

water occurred resulting in volumetric expansion of the soils beneath the tunnel and causing 

post-earthquake uplift, until the pore pressure beneath the tunnel reached the adjacent one. 

As pore pressure dissipated from the backfill, the pore fluid from beneath the tunnel flowed 

out and the tunnel settled back down, largely recovering the post-earthquake uplift. 

If shear stresses from the differential weight between the buried structure and the 

surrounding soil were high enough and/or reduced soil strength due to liquefaction was low 

enough, uplift might also occur as a result of a net upward force imparted on the structure, 

thus allowing the development of a force-based mechanism, associated with very large and 

uncontrolled displacements. This was not observed in this case. 
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To sum up, the amount of uplift is mainly related to the extent of liquefiable soils (for instance, 

if the extent of liquefied soil beneath the buried structure is small the reverse end bearing 

capacity may increase substantially, lowering the amount of uplift), their relative density 

(affecting the amount of strength reduction experienced during post-shaking), the weight 

differential between the buried structure and surrounding soil, and amplitude and duration of 

shaking. Furthermore, it is also influenced by volumetric dilation of soil due to water inflow 

and potential heaving of soft soils. 

Cheng et al. (2017) conducted a series of shaking-table tests to study the influence of the 

foundation soil and overlying water layer on the seismic response of an immersed tunnel. In 

fact, most immersed tunnels are built on the bed of a river or sea, and thus it is relevant to 

study the influence of a water layer on the seismic response of an immersed tunnel. The tests 

were based on the Hong Kong-Zhuhai-Macau (HZM) project, which includes an immersed 

tunnel with 33 elements, divided in 8 segments each with a length of 22.5 m, 37.95 m in width 

and 11.4 m of height. 

The model of the tunnel has three segmented elements and two flexible joints. It is in a 1:30 

scale and other similitude relations, described in Cheng et al. (2017), were used for the model 

system. Scaled shear keys would be too small to bear static and dynamic loads and so 

simplified flexible joints were designed to link the tunnel elements. The tests were conducted 

in a multifunctional laminar shear container designed to avoid the boundary effects, with 

3.5 m in length, 2.4 m in width, and 1.7 m in height, placed over the shaking table. Three 

groups of tests were carried out at different sites, in dry sand, saturated sand, and saturated 

sand with a 0.20 m thick overlying water layer, using the same uniform horizontal seismic 

excitations. The loading excitation amplitudes (PGA) ranged from 0.1 to 0.4 g. A large number 

of pore pressure transducers and accelerometers were embedded in the soil and strain gauges 

were installed in the tunnel model. 

The experiment results indicated that, when considering only horizontal earthquake 

excitations, soil liquefaction significantly influenced the propagation of seismic waves and the 

dynamic response of the tunnel. In fact, the soil over the tunnel tends to liquefy under a strong 

ground motion, and as a result of soil liquefaction, vibration energy dissipation is incurred, 

reducing acceleration amplification. On the other hand, the water layer had no obvious effects 

on the dynamic performance of the ground or tunnel. Furthermore, the joints of the tunnel 

elements were considered significant in an anti-seismic immersed tunnel design, as they 

reduce acceleration between elements, although they are simplified joints which do not 

include shear keys nor Omega and Gina gaskets.  

Regarding the excess pore pressure measuring, the stronger the excitation, the faster the 

generation of excess pore pressure, being the maximum excess pore pressure generated in the 

ground surface. Excitation properties also greatly influenced excess pore pressure generation. 

Moreover, the additional structural load significantly increased the consolidation stress of sand 

below the structure and the movement of soil particles from the sand layer below the 

structure is slower than from the sand over the structure. In this case, the degree of 

liquefaction of the sand layer below the structure is lower, as is generation of excess pore 
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pressure. Although, if considering the construction process this increase in consolidation stress 

might be lower. 

 

3.5. Case-studies 

The seismic performance of the following four immersed tunnel projects will be described in 

more detail: the Offshore Transbay Tube (TBT), the Posey and Webster Street Tubes, the 

Waihuan Tunnel and the George Massey Tunnel. 

The Offshore Transbay Tube (TBT) of the Bay Area Rapid Transit (BART) system is a 5.8 km-

long immersed railway tunnel connecting San Francisco to Oakland, located in the high 

seismicity Bay Area in California (Figure 3.7). 

 

Figure 3.7 – TBT approximate location 

 

The TBT was constructed in a trench excavated in the natural soil. After trench excavation, an 

approximately 1.2 m-thick layer of gravel was placed and screeded level (Figure 3.8). 

Prefabricated segments of approximately 100 m-long each, were immersed and connected 

together. The equivalent unit weight of the TBT is approximately 1.1 times that of sea water 

and significantly less than the unit weight of the surrounding backfill material. The gravel 

backfill was tremmied around the sides of the tube section to about middle height. Sand fill 

material was subsequently pumped in to provide a minimum cover of about 1.5 m above the 

TBT. Natural sedimentation formed a soft impermeable layer of surficial mud (Travasarou et 

al., 2011).  

 

Figure 3.8 – TBT cross section (adapted from Travasarou et al., 2011) 

 

Gravel fill Gravel foundation 

Stiff clay 
Sand fill 

Surficial mud 
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Although the tunnel itself does not cross any active faults, it is located in a highly active seismic 

area. In fact, it is placed at only 14 km and 9 km from the San Andreas and Hayward faults, 

which can generate seismic events with magnitudes between 7 and 8, and which have 

relatively high slip rates on the order of 0.017 and 0.009 m/year, respectively. 

Thus, the terminal joint was designed to accommodate seismic movements resulting from 

activity on any of the major faults in the surrounding area (Lunniss and Baber, 2013). It is a 

complex sliding telescopic joint, allowing longitudinal and rotational movement (Figure 3.9). In 

fact, it was designed to permit triaxial displacements of 0.08 m in the longitudinal direction 

and 0.15 m in any direction in a vertical plane, while maintaining watertight integrity. The 

vertical and transverse horizontal motions are permitted by precompressed rubber gaskets 

sliding on radial Teflon bearing surfaces. The longitudinal motion is taken by similar gaskets 

sliding on a circumferential Teflon bearing surface. Both sets of bearings are compressed by 

tensioned cables that allow the motions by rotating on Teflon-coated spherical bearings. Seals 

are placed around the tunnel to give a watertight seal as the tunnel element moves in and out 

of the terminal joint. Enough allowance was made in the movement capability to allow for 

some creep that is likely to occur over time with repeated seismic movements. Stops were 

provided to prevent excessive movement, which would result in joint opening (Lunniss and 

Baber, 2013). 

 

Figure 3.9 – TBT terminal seismic joint (Ingerslev, 2010) 

 

In what concerns seismic design of the tunnel, Kuesel (1969) described the design earthquake 

as 6.9 magnitude 1940 El Centro earthquake, having a peak horizontal acceleration (PGA) of 

0.33 g in rock and shallow overburden and 0.50 g in deep overburden (over around 21 m 

deep). Combining a transverse component (producing bending and strain) and a longitudinal 

component (producing compression-tension distortion and strain) and using the theory of 

wave propagation, the maximum axial strain resulting from an oblique shear wave, is given by: 

���� = 5.2(t 	 (3.1) 
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in which t is the critical wave length, taken as 6 times the maximum width of the structure in 

the plane of bending (deep beam action), and ( is the amplitude corresponding to t, obtained 

from a spectrum of amplitudes and wave lengths for the design earthquake. 

The structure was also designed for racking, being the magnitude of the shear distortion 

determined from: 

�8ℎ = 0.76 i�f�	 (3.2) 

in which 
�8 ℎ§  is the angle of shearing distortion (radian), i is the depth of the overburden (m) 

and �f is the average velocity of propagation of the shear wave through the overburden (m/s). 

This expression was a linear approximation of a mathematical model which gave the shearing 

deformations of the soil, in response to a horizontal acceleration applied at the base of a 

vertical cantilever, which shear modulus varied linearly with depth. The horizontal base 

acceleration spectrum was derived from the El Centro earthquake records.  

In 1989, the tunnel withstood 6.9 magnitude Loma Prieta earthquake (PGA around 0.2 g at the 

tunnel site and with an epicentre about 95 km from the site), an earthquake that damaged 

many of San Francisco bridges. It was inspected and reopened three hours after the 

earthquake, and was the only fully operational public transport system in the area. 

Moreover, liquefaction of the backfill material was expected to occur during design level 

earthquakes, because of the low density at which it was placed, although there are no reports 

of liquefaction having taken place until today. The gravel backfill materials are relatively 

permeable, allowing rather fast pore water dissipation. Besides, the permeable soils are 

capped by less permeable soils that may trap pore water at the interface. 

The Posey and Webster Street Tubes, built in 1928 and 1962, respectively, are immersed 

reinforced concrete tunnels, which connect Alameda Island and the city of Oakland, California 

(Figure 3.10). They attain a maximum depth of around 20 m below the water surface. In the 

Posey tunnel, the pre-cast concrete elements have a length of around 60 m. A typical circular 

cross-section has an outside diameter of around 11 m and a wall thickness of 0.75 m. After all 

the tunnel elements were placed in a pre-excavated trench at the bottom of the Bay, the joints 

were sealed with steel and concrete. Underneath, the tunnels were filled with loose sand. The 

trench backfill was barge-dumped with soft clay and loose sand from the Bay. The stratigraphy 

of the site consists of five major layers (Figure 3.11): above the bedrock, at around 180 m 

below the ground surface, is a dense medium to coarse gravelly sand with layers of sandy silt 

to clayey silt, named the Alameda Formation; then, above this, is the Posey Formation 

composed of stiff to very stiff sandy-silt to clayey-silt; above these formations is very dense 

Merritt sand and soft Bay Mud. 

The Alameda tubes site is located at only approximately 22 km and 6 km from the San Andreas 

and Hayward faults, respectively (Figure 3.10). The Hayward Fault dominates the seismic 

hazards of the site, being capable of generating a 7.25 magnitude earthquake, a peak 

horizontal rock acceleration of 0.76 g, and horizontal ground accelerations in excess of 0.5 g. 

The duration of the seismic event may exceed 45 s. The high peak rock acceleration of the 
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design earthquake, and the long duration of the event, will allow the build-up of pore 

pressures. This could lead to extensive liquefaction with the consequent flotation of the 

tunnels. 

 

Figure 3.10 – Location of the Posey and Webster Street Tubes (Kozak et al., 1999) 

 

 

Figure 3.11 – Stratigraphy of the Posey and Webster Street Tubes site (Kozak et al., 1999) 

 

The 1989 6.9 magnitude Loma Prieta earthquake (estimated horizontal ground acceleration of 

about 0.2 g at the site) was the most recent major seismic event that occurred near these 

tunnels, causing liquefaction on the Island of Alameda and in the vicinity of the tunnels. 

Consequently, in 1997, a retrofit plan was implemented, including ground improvement of the 
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backfill to prevent floatation and retrofit of a number of structural components of the tunnel. 

The ground improvement consisted of stone columns at each side of the Webster Street Tube 

to densify existing backfill material and provide drainage of the excess pore water pressure 

during a major seismic event and jet grout at each side of the Posey Street Tube to laterally 

isolate the tunnel from the backfill. Moreover, many of the existing full-perimeter joints 

between the tunnel segments were retrofitted to allow joint expansion. Special joints were 

also added at the portal buildings/tunnel connections. The goal of the retrofit strategy was to 

avoid floatation, provide flexibility and significantly reduce the forces in the tunnel elements. 

The Waihuan Tunnel is a 2888 m-long bi-directional immersed tunnel under the Huangpu 

River in the city of Shanghai, China (Ding et al., 2006). It has a large cross-section (43 m x 

9.55 m) (eight traffic lanes) (Figure 3.12) and is composed of seven segments, with a length 

between 100 m and 108 m, as well as flexible joints at eight different places (Figure 3.13). 

 

 

Figure 3.12 – The Waihuan Tunnel cross section (mm) (Ding et al., 2006) 

 

 

Figure 3.13 – The Waihuan Tunnel general plan (Ding et al., 2006) 

 

Ding et al. (2006) presented a large-scale numerical simulation method for seismic response 

analysis, using a three-dimensional dynamic FEM model in a high-performance computer. LS-

DYNA, a general-purpose finite element code for analysing dynamic large deformation 

response of structures (JO., 1998), was used. The finite element model was built with four-

node tetrahedral elements for the surrounding soil, eight-node hexahedron solid elements for 

the tunnel and beam elements for prestressed cables. Distance between the boundary of the 
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model and the tunnel side was chosen to be more than four times the cross-section width of 

the tunnel (Figure 3.14). 

 

Figure 3.14 – The Waihuan Tunnel global mesh (Ding et al., 2006) 

 

The cohesive surrounding soil was formed by several layers of silts and clays. Its behaviour was 

simulated by an elastoplastic constitutive relation based on the Drucker–Prager criterion. Two 

flexible joint components, the GINA gasket and the vibration isolation bearing, are both made 

of rubber, which has nonlinear geometric and material behaviour (Figure 3.15). The Mooney–

Rivlin model was used for the rubber (Batra and Ching, 2002). The constitutive model for the 

steel shear key included isotropic and kinematic hardening plasticity, as well as rate effects. 

 

Figure 3.15 – The Waihuan Tunnel flexible joint (Ding et al., 2006) 

 

A record from the 7.6 magnitude Tangshan earthquake (1976) was applied as ground motion 

at the bedrock surface along the longitudinal and the transverse direction, independently, 

while the other displacements were constrained (vertical and transverse or longitudinal, 

respectively). The considered PGA at the site of the tunnel was around 0.1 g. Normal viscous 

boundaries were used to prevent artificial stress wave reflections, generated at the 

boundaries, from re-entering the model. Moreover, the liquefaction issue was not considered 

at this analysis due to the cohesive nature of the surrounding ground, which makes it less 

susceptible to liquefaction. 
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According to Ding et al. (2006), the flexible joints between segments must have superior anti-

seepage properties, as well as prevent unacceptable deformation under seismic loading. Thus, 

they are quite relevant at the earthquake-resistant design of an immersed tunnel. Their 

function depends on the inner component parts such as the GINA gasket and the 

steel/concrete shear key. The joints which exhibited larger relative displacement between 

adjacent segments were those at the end of the tunnel, with a maximum value of 0.024 m. The 

Gina gaskets presented compression deformations between 0.005 and 0.023 m and the 

isolation bearing at the top of the shear keys displaced between 0.004 and 0.007 m. Through 

the analysis, it was concluded that the application of eight flexible joints would decrease the 

stresses on the tunnel walls and increase the whole structural aseismic capability.  

Finally, the George Massey Tunnel was completed in 1959 connecting Vancouver, British 

Columbia, Canada, with Washington State, US. It is a 1.3 km long tunnel that carries four lanes 

of traffic under the Fraser River (Figure 3.16). The tunnel includes a 370 m north approach, a 

629 m immersed section, and a 335 m south approach. The immersed section has two shafts 

with two traffic lanes each plus two ventilation ducts located outside the roadway shafts 

(Figure 3.17). It was pre-cast within a graving dock in 105 m long concrete segments. The 

segments were floated to position and sunk within a shallow trench in the river bottom. 

Following sinking, sand was jetted under the tunnel, filling the space between the base of the 

tunnel and the top of the trench. Gravel and rockfill were placed around and on top of the 

tunnel to counter buoyancy and for scour protection (Naesgaard et al., 2004). The geological 

profile of the tunnel, as interpreted from available boreholes, is shown in Figure 3.18 (section 

shown is approximately 50 m deep and 1000 m wide). The native river deposits within 15 m 

below the tunnel are loose sand and interbedded sandy silt. Below that depth the deposits 

become dominantly clayey silt (Dan Yang et al., 2006). 

 

Figure 3.16 – The George Massey Tunnel location (Taylor et al., 2005) 
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Figure 3.17 – The George Massey Tunnel cross-section (Taylor et al., 2005) 

 

 

Figure 3.18 – Geological profile along the George Massey Tunnel (Taylor et al., 2005) 

 

The tunnel was seismically retrofitted in 2003 for a design seismic loading corresponding to a 

non-subduction earthquake with PGA equal to 0.25 g and 7.0 magnitude, and to a distant 

subduction earthquake with PGA equal to 0.15 g and 8.2 magnitude, without collapse or loss 

of life, but restricting damage to a repairable level including controllable water leakage 

(Naesgaard et al. (2004) and Dan Yang et al. (2006)). Thus, soil liquefaction both in the loose 

native and jetted backfill sand, its consequences and mitigation were the key design 

challenges. Design earthquake motions were given for outcropping bedrock, which is at 

approximately 300 m depth at the site. Therefore, a ground response analyses was carried out 

using the linear equivalent method (Idriss and Sun, 1992). As a result, time histories to input 

into the 2D numerical analyses, at 50 m depth, and cyclic stress ratio for preliminary 

liquefaction triggering assessment were obtained.  

Two-dimensional nonlinear dynamic analyses using FLAC (Itasca Consulting Group) were the 

prime geotechnical analyses and design tool. Total and effective stress constitutive models 

(UBCTOT and UBCSAND) developed at the University of British Columbia (Beaty, 2001, Byrne et 

al., 2004, Beaty and Byrne, 2011) were used. Dynamic shaking, liquefaction triggering, 

consequences of liquefaction and soil-structure interaction were addressed in each of the 

models. Model parameters have been calibrated from published data and simple shear 

laboratory tests. During dynamic analysis pore water pressures were generated by shear 
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induced plastic volume change. This reduced mean effective stress and initiated pore water 

flow from zones of high head to low head. 

2D transverse and longitudinal sections were studied. The transverse section was used to 

assess the effects of liquefaction around the tunnel, of riverbed morphology and of pore water 

pressure and groundwater redistribution, as well as to design and optimize remedial 

measures. On the other hand, the longitudinal model was developed to assess a migration 

effect, related to the fact that loose sand layers under the tunnel and riverbanks might liquefy 

and these liquefied soils might flow longitudinally towards mid-river. That is, from the higher 

stressed zone under the river banks toward the lower stressed zone within the river channel. 

This would result in settlement of the river banks and heave of the tunnel within the river 

channel. The liquefied soils also consolidate during the post-liquefaction phase, resulting in 

tension in the end joints and compression forces in the mid sections of the tunnel as well as 

longitudinal differential settlement. This can cause additional bending moments in the tunnel, 

which may exceed section capacity (Dan Yang et al., 2006). 

Analyses were carried out with various earthquake motions, with horizontal and sloped river 

bed, with various soil profiles and material properties (Naesgaard et al., 2004). Several 

potential tunnel vulnerabilities were identified, namely:  

• wave passage effects - the tunnel is relatively long and seismic motions will vary along 

its length. Compression, shear, and surface waves will induce stresses in the tunnel as 

they travel along its length. Variation in the soil along the length of the tunnel will also 

result in additional variation of ground motions along the tunnel. 

• soil liquefaction up to 20 m depth - its influence on tunnel response was more 

significant than wave passage effects. In fact, it may lead to a drastic reduction in soil 

strength and stiffness, which can result in ground failure and differential 

displacements in the tunnel. This may cause uplift of the tunnel due to the tunnel 

being lighter than the adjacent soil, transverse movement of the soil in the river, if the 

river bed is not flat, failure or movement of soil from the river banks toward centre 

channel, upward heave of the approach structures and differential consolidation 

settlements due to post-liquefaction dissipation of pore water pressures. 

• groundwater migration - due to high pore water pressures generated by the 

earthquake, it may be vertical, forming a potential water interlayer with limited or no 

strength, or lateral under the tunnel or approach structures, pushing them upwards. 

Also, a continuous low permeability silt interlayer might lead excess pore pressure to 

dissipate horizontally towards the tunnel after the earthquake and slowly push it up 

(Dan Yang et al., 2006). 

• stiff joints between the tunnel and the ventilation buildings – they might attract 

excessive tensile and compressive forces which could cause failure of the tunnel at the 

joints.  

Wave passage effects assuming a wave travelling in underlying rock at 2000 m/s gave 

differential displacements of less than 0.05 m over 650 m of tunnel. Soil column effects from 
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different ground profiles in the upper 50 m gave additional differential settlements in the 

order of 0.02 m. Differential movements due to soil liquefaction resulted in movements over 

an order of magnitude greater and were the controlling design consideration. In fact, with 

level river bottom and no ground improvement the tunnel will heave in the range of 0.5 to 

1.5 m, most of the movement occurring during strong shaking following liquefaction. With a 

sloping river bottom the tunnel heaves less (0.2 to 0.3 m), but moves laterally significantly in 

the range of 1 to 2 m (Naesgaard et al., 2004). 

All of the above situations could result in excessive cracking in the under-reinforced sections, 

in particular in the longitudinal direction and at the joints, with the potential for water leakage. 

So, a seismic retrofit strategy was defined with the goal of preventing loss of lives as well as 

restrict damage to a repairable level during a major earthquake (Taylor et al., 2005). Analyses 

included alternative retrofit measures such as ground densification, sheet piles, and gravel 

drains. Various widths of densification were modelled as part of optimizing the design. 

The final structural retrofit design involved detailed structural analysis using a 3D finite 

element ABAQUS model of the immersed tunnel and ventilation buildings, which considered 

soil–structure interaction. The surrounding soil stiffness was represented by equivalent soil 

spring elements in each direction. The most critical load cases were: a) seismic loading due to 

the wave passage effect of the seismic motion; and b) post-liquefaction differential settlement 

loading, which considered permanent settlement of the soil underneath the tunnel (Taylor et 

al., 2005). The used settlement curves for case b) were obtained from 2D longitudinal analyses. 

It is important to refer that the UBCSAND model underestimated post-liquefaction 

consolidation and a change in bulk modulus was required to achieve realistic settlements. 

Both tunnel uplift and lateral movement were estimated to be substantial and a retrofit plan 

was proposed to limit deformations. Potential mitigation schemes studied included: sheet piles 

adjacent to the tunnel to stop liquefied soil and water from moving in under the tunnel; 

compaction grouting under and adjacent to the tunnel to control post-liquefaction settlement; 

jet grouting at the side of the tunnel to support and prevent soil movement under the tunnel; 

supporting the tunnel with micropiles to minimize post-liquefaction settlement; densification 

on either side of the tunnel (for instance, vibro-replacement stone columns); installation of 

seismic gravel drains adjacent or under the tunnel. 

It is known that sheet piles are effective in reducing movement of soil under the tunnel and 

related tunnel heave. However, they are more flexible than the densified ground, therefore 

not efficient at reducing lateral movements if the river bed is sloped (Naesgaard et al., 2004) 

and are also more expensive than alternative measures. Jet grouting cut-off walls are similarly 

more expensive than stone column densification. 

Thus, the proposed retrofit measures were ground densification using vibro-replacement 

stone columns and vertical drains on each side of the tunnel (Figure 3.19). The former is 

effective in reducing tunnel flotation and excessive lateral displacement due to lateral spread 

of the liquefied soil slope. Installation of vertical drains reduces significantly the movement of 

soil seeping under the tunnel and pushing it up, as a result of high pressure groundwater 

created by liquefaction. Besides, seismic gravel drains will reduce build-up of pore pressure 

within the densified blocks, allowing densified soil to maintain higher shear strength. 
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Figure 3.19 – Retrofit scheme with ground densification and drainage (Taylor et al., 2005) 

 

Based on the numerical analyses with the proposed final design remediation scheme, the 

lateral movements of the tunnel should be less than 0.1 to 0.4 m. Vertical heave should be less 

than 0.2 m and differential settlement due to post-liquefaction consolidation should be less 

than 0.6 m over a length of 250 m (Naesgaard et al., 2004). 

Regarding structural and non-structural retrofit measures, these had to be consistent with the 

geotechnical retrofit. They included increasing longitudinal reinforcement that would further 

eliminate seismic vulnerabilities, in particular the consequences of post-liquefaction 

settlement, by ensuring more uniform ductility, crack and leakage control throughout the 

tunnel (Naesgaard et al., 2004). They also included adding new emergency pumps to increase 

the pumping capacity in order to reduce life threat during evacuation.  

Finally, a centrifuge-testing program (Adalier et al., 2002) was carried out to calibrate and 

verify the non-linear seismic displacements in the soil predicted by the numerical models. The 

tests were designed to model a cross section of the tunnel. The first test was done without 

ground improvement adjacent to the tunnel, the second was with 10 m of densification on 

either side of the tunnel and the third was with a 10 m drainage zone on either side of the 

tunnel.  

Centrifuge test results confirmed that design earthquakes would likely trigger liquefaction in 

loose sand and cause upward and lateral tunnel movements. Furthermore, they indicated that 

both densification and gravel zones along the tunnel sides were effective in reducing tunnel 

movements, being the gravel zone more effective than the densification method for the same 

area of treatment. In a nutshell, there was good agreement between numerical and centrifuge 

test results, which helped guiding the decision for retrofit (Yang et al., 2004).  

Liquefaction mitigation measures in general and, then, applied to immersed tunnels will be 

discussed in chapter 7.  
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4. Liquefaction 

4.1. Brief history of earthquake-induced liquefaction and related research 

The consequences of Niigata earthquake (1964), which epicentre was about 56 km north of 

the city (offshore) and had a recorded magnitude of 7.3, raised awareness amongst 

geotechnical engineers of earthquake-induced liquefaction (Jefferies and Been, 2006). It 

inflicted major damage on the city of Niigata, on the west coast of Japan, which lies on the 

banks of the Shinano River where it enters the sea. 

The city is underlain by about 30 m of fine alluvial sand. Damage due to the earthquake 

resulted mainly from liquefaction of loose sand deposits in low-lying areas, which caused: large 

tilting of apartment buildings founded on sand (up to 80 degrees) because of bearing capacity 

failure; floating of underground structures such as septic tanks, storage tanks, sewage conduits 

and manholes; and collapse of the Showa Bridge (five simply supported girders fell when the 

foundation piles of the piers deflected). 

Sand flows and mud volcanoes ejected water shortly after the earthquake and were reported 

to continue for as much as 20 minutes after shaking had stopped. Much of the city was 

covered by sand deposits 0.20 to 0.30 m thick. The damage was greater in zones where sand 

was looser. 

This and other subsequent events showed that earthquake induced liquefaction can threaten 

the critical infrastructure including roads, buildings, bridges, dams, airports and port facilities 

(Figure 4.1), with important economical and human losses. Various other studies on case 

histories of liquefaction can be found in Towhata (2008) and in Hamada (2013). 

  

Figure 4.1 – Liquefaction consequences in Christchurch earthquake (left – floating of manhole; right – collapse of 

PGG building) (2012) 

 

Several definitions of liquefaction have been given over the years. For instance, Hazen (1920) 

was the first to use the term liquefied and described liquefaction as a condition that is 

practically equivalent to that of quicksand, produced by a high enough pore pressure to carry 

all the load, having the effect of holding the particles apart. Lee and Seed (1967) defined 

liquefaction as a condition where soil deforms with very low strength and initial liquefaction as 
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a condition where, during the course of cyclic stress application, the residual pore water 

pressure becomes equal to the applied confining pressure (����� 	= 	0 condition). Casagrande 

(1970) suggested only two definitions: liquefaction, associated with flow of saturated loose 

sands, and cyclic mobility associated with progressive softening of saturated medium to dense 

sands subjected to cyclic loading at constant water content. 

A more recent definition is given by EC8 – Part 5, in which liquefaction is defined as a decrease 

in the shear strength and/or stiffness caused by the increase in pore water pressures in 

saturated cohesionless materials during earthquake ground motion, such as to give rise to 

significant permanent deformations or even to a condition of near-zero effective stress in the 

soil. 

In fact, in the last decades, there has been an effort to understand and mitigate the effects of 

liquefaction. This effort concentrated mainly on defining procedures to assess soil’s 

susceptibility to liquefaction. The assessment of liquefaction potential was initially done based 

on the Seed’s empirical method (Seed et al., 1983). At the time, case history field data was the 

principal resource to predict susceptibility to earthquake induced liquefaction. Based on field 

point estimates of soil properties, charts were developed relating SPT values to the stress ratio 

required to cause liquefaction. 

The VELACS (Verification of Liquefaction Analysis by Centrifuge Studies) project (Arulanandan 

and Scott, 1993) is also important to refer as a relevant and thorough study on the behaviour 

of saturated cohesionless soils during liquefaction and on its numerical simulation. Within this 

project, tests were conducted on saturated soil and soil-structure centrifuge models, with well-

defined boundary conditions, soil properties and input dynamic motions. Thus, it basically 

consisted of experimentally verifying the numerical procedures employed in the analysis of soil 

liquefaction problems. To begin with, the same model configuration was tested by different 

research teams to evaluate the results’ dependence on the testing apparatus. These tests 

confirmed results could be used in analysis validation exercises. Nine centrifuge models were 

then selected to supply experimental data, including accelerations, displacements, settlements 

and excess pore pressure histories. Finally, these data were compared to numerical 

predictions, which used material parameters calibrated with monotonic and cyclic simple 

shear tests. 

The first three models, which are more relevant to the present thesis, included a horizontally 

layered loose sand (relative density �� = 40%) (model no. 1); a sloping loose sand (�� =40%) (model no. 2); and a medium dense sand layer on one side (�� = 70%) and loose 

(�� = 40%) on the other side (model no. 3). All layers were totally submerged inside a 

laminar box (Figure 4.2). 

Concerning model no. 1, build-up of excess pore pressure was closely related to the intensity 

of shaking, best represented by the horizontal acceleration at the surface. This showed a 

gradual decay of amplitude, which started at after 6 s of shaking application and appeared to 

indicate that cyclic mobility was persistent to some extent after the onset of liquefaction. 

Moreover, the amplitude of horizontal displacements at the surface divided by depth of 

liquefaction penetration yielded an approximate measure of cyclic shear strain developed in 

the liquefied layer near the surface. These were less than 1.4%. 
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Figure 4.2 – VELACS project centrifuge model configurations (model no. 1 to no. 3) (Arulanandan and Scott, 1993) 

 

Practically all predictions indicated the initiation of pore pressure drop first at the deepest 

depth, at 12 s after the start of shaking, and propagation of its front upward. Dissipation was 

controlled by the permeability coefficient to a large extent. Settlements took place mainly 

during the period of shaking application, despite pore pressure dissipation occurring after 

settlement was almost finished. A possible explanation is that the coefficient of permeability is 

much larger during shaking than at a static state. 

Regarding model no. 2, data suggested that a large part of downslope displacement 

accumulation could be explained by a sliding block mechanism, with the sliding surface being 

the boundary between liquefied and non-liquefied soil. This boundary might change during 

shaking affecting the final lateral displacement profile. 

Finally, concerning model no. 3, dense sand prevented complete liquefaction of the loose sand 

column. Moreover, dense sand settled more than loose sand due to its lateral movement into 

the loose sand, in addition to its compaction. Pore pressures were generally similar in loose 

and dense sand. What is more, high frequency vibrations in input accelerations were 

attenuated substantially near the soil surface, while low frequency (longer period) vibrations 

propagating through the soil column were generally amplified. 

Regarding the numerical predictions, the constitutive models used by the predictors of the 

VELACS project are described in detail by Dafalias (1993). When comparing centrifuge data to 

numerical predictions, it was found that fully coupled effective stress based nonlinear 

numerical procedures, were necessary to accurately evaluate the consequences of soil 

liquefaction. In a fully coupled method, the pore pressure generation and dissipation are fully 

coupled with the deformation of the soil skeleton according to Biot’s formulation and, 

therefore, are also controlled by the constitutive relationship. Even using these procedures 

there is always the need for careful calibration of soil properties for the models in order to 

have accurate predictions. 

Another more recent project, the LEAP (Liquefaction Experiments and Analysis Projects) 

project (Manzari et al., 2018) is also worth referring. It has the aim of providing data needed 

for validation of numerical models designed to predict liquefaction phenomena. The main 
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theme of LEAP-2015 was lateral spreading of sloping liquefiable soils, namely Ottawa F-65 

sand. The numerical simulations submitted by several predictors at different stages of the 

project were compared with the measured responses of sloping deposit specimens tested in a 

rigid box at six different centrifuge facilities. The comparisons were presented for three rounds 

of simulations labelled as types A, B, and C simulations. Type A simulations involved the 

response of the soil specimen to a prescribed base excitation. Then, the centrifuge tests were 

performed and the predictors were able to assess the performance of their type A simulations 

by comparing them to the measured responses. Subsequently, they made the necessary 

adjustments in their models, and conducted a type B simulation of the response of the same 

soil specimen subjected to an amplified base excitation. These type B simulations, which 

allowed accounting for discrepancies between specified and actual boundary conditions and 

initial conditions (density, geometry, and sensor locations), showed an improved correlation 

with the experimental results. Finally, the predictors conducted a type C simulation of the 

original test using the base motions achieved on the six centrifuge facilities. The numerical 

results showed very good agreement with the experimental results, partly due to the 

adjustment of the constitutive model parameters and partly due to the selection of revised 

parameters for hydraulic conductivity of the soil. 

 

4.2. Mechanism of earthquake-induced liquefaction 

Liquefaction can be triggered: statically, by slope steepening due to, for example, erosion on 

shorelines, over-loading (for instance, more fill placement at the top of a slope) and rising 

groundwater pressure caused by wave loading; or dynamically, commonly earthquakes, with a 

lower number of cycles, but also machine vibrations and cyclic loading in general, with a higher 

number of cycles, which means liquefaction can also occur at much smaller cyclic stress levels 

if the loading goes on long enough (Jefferies, 2012). Liquefaction phenomena can be divided in 

two main groups: flow liquefaction and cyclic mobility (Kramer, 1996). 

Flow liquefaction can occur when the static shear stress, required for equilibrium of a soil 

mass, is greater than the shear strength of the soil in its liquefied state. The large deformations 

produced by flow liquefaction, known as flow failures, are driven by static shear stresses. Flow 

liquefaction failures are characterized by being sudden, develop quickly and by the large 

distance travelled by the materials. Flow liquefaction can cause massive flow slides, sinking or 

tilting of heavy structures and floating of buried structures (Jefferies and Been, 2006). 

Cyclic mobility, on the other hand, occurs when the static shear stress is less than the shear 

strength of the liquefied soil. The deformations caused by cyclic mobility failures develop 

incrementally during earthquake shaking and are driven by both cyclic and static shear 

stresses. In fact, cyclic mobility is induced by cycles of alternative contraction and dilation. 

Large but limited shear strain develops as a result of progressive degradation of stiffness due 

to excess pore water pressure. In each loading cycle, there are instants at which effective 

confining stress may become zero and large shear strain may be induced.  

The deformations caused by cyclic mobility can be called lateral spreading in very gentle 

sloping ground or level-ground liquefaction in flat ground. In the latter case, failures are 

caused by the upward flow of water as excess pore water pressure dissipates and may occur 
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after ground shaking has ceased. Level-ground failures are characterized by excessive vertical 

settlement and development of sand boils. Post-earthquake stability failures may also occur at 

level-ground sites, as redistribution of cyclically induced excess pore pressures during 

dissipation can trigger further movement and be sufficient to cause complete soil failure under 

the imposed loadings. 

As it is known from the critical state theory, the critical state line (CSL) separates loose soil, 

which exhibits contractive behaviour (decreasing void ratio, ,, in drained conditions), from 

dense soil, which exhibits dilative behaviour (increasing void ratio, e, in drained conditions) 

during shearing (Figure 4.3). In monotonic loading tests, at large strains, both loose and dense 

soil reach the critical void ratio, eª, and mobilize the same shearing resistance (Figure 4.4). 

 
Figure 4.3 – Definition of state parameter « (Taiebat and Dafalias, 2008) 

 

 
Figure 4.4 – (a) Stress-strain; (b) Stress-void ratio curves for loose and dense sands at the same effective confining 

pressure (Kramer, 1996) 

 

In undrained conditions, instead of volume changes to reach the critical state, the effective 

confining pressure would reduce and produce positive excess pore pressure (due to the 

tendency for contraction) in loose soil and increase and produce negative excess pore pressure 

(due to the tendency for dilation) in dense soil. 

In Figure 4.5 it is possible to observe three types of behaviour for monotonic loading tests: 
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- Liquefaction (flow liquefaction) exhibited by specimen A, which is a very loose 

specimen. The stress-strain path has a peak undrained strength at small strain and 

then collapses, flowing rapidly to large strains at low effective confining pressure and 

low large-strain strength. 

- Dilation exhibited by specimen B, which is a dense specimen. It initially contracted but 

then dilated with increasing effective confining pressure and reached a high large-

strain strength. 

- Limited liquefaction exhibited by specimen C, with an intermediate relative density. In 

this case, exceedance of a peak strength at low strain was followed by a period of 

strain-softening behaviour. Then at intermediate strains there is a reversal from 

contractive to dilative behaviour at the phase transformation point (related with the 

phase transformation line – PTL) and further loading produces continued dilation to 

higher effective confining pressures and higher large-strain strengths. 

 
Figure 4.5 – Liquefaction, limited liquefaction and dilation in monotonic loading tests (adapted from Kramer, 

1996) 

 

Thus, soils whose state is below the CSL (Figure 4.3) are not susceptible to flow liquefaction. 

Soils whose state lies above the CSL are only susceptible to flow liquefaction if the static shear 

stress exceeds the critical state strength. Cyclic mobility, on the other hand, can occur in both 

loose and dense soils, whose state lies above or below the CSL, respectively. 

Therefore, absolute measures of density have limited applicability for characterizing a 

potentially liquefiable soil, as for the same void ratio and relative density, a soil can be 

susceptible to flow liquefaction under a high effective confining pressure but non-susceptible 

at a low effective confining pressure (Kramer, 1996). Hence, the behaviour of a cohesionless 

soil shall be more closely related to the proximity of its initial state to the CSL line and soils 

located at the same distance from the CSL should exhibit similar behaviour. A state parameter � = , − ,� is then defined (Figure 4.3). When the state parameter is positive, the soil exhibits 

contractive behaviour and may be susceptible to flow liquefaction. When it is negative, dilative 

behaviour occurs and the soil is not susceptible to flow liquefaction. 

p 

pp 
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Thus, to avoid flow liquefaction triggering, the soil should be sufficiently dense to reduce 

strength drop as a result of increased pore pressures. During loading of a loose sample in 

undrained conditions, the volumetric contraction has the effect of reducing the mean effective 

stress by much more than the shear strength gain induced by hardening of the yield surface. 

Although effective stress ratio � = �/� is still increasing, as the peak strength is approached 

the rate of hardening slows and deviatoric stress drops because the rate of excess pore 

pressure increase exceeds the rate of � increase. Fundamentally, the yield surface has to 

soften (contract) to the critical state (Jefferies and Been, 2006). 

So, strength drop is caused by pore pressure generated by volumetric contraction. If the sand 

is dense enough that shear dilation dominates volumetric compression, it will not lose 

strength. This occurs at about � < −0.08 in triaxial compression and � < −0.05 in simple 

shear tests, and corresponds to the critical density defined by Lindenberg and Koning (1981) at 

which cumulative volumetric strain at peak strength is zero. Undrained stress paths for sands 

that are denser than about � = −0.08 do not show a phase transformation or pseudo steady 

state, because they dilate continuously under monotonic loading. 

Both in flow liquefaction and cyclic mobility there is a sufficiently quick plastic volumetric 

strain that accumulates faster than the pore fluid can escape. The difference between them is 

the way in which these plastic volumetric strains are generated. In the case of flow 

liquefaction, a necessary condition is that the soil be loose so that plastic volumetric strain is 

greater than the corresponding work hardening of the skeleton to support the increased 

stress. A soil looser than the critical state (i.e. � > 0) is susceptible to flow liquefaction. In the 

case of cyclic mobility, the plastic volumetric strains arise through densification brought on by 

cyclic stress changes which tend to pack the soil particles closer together. Cyclic induced 

densification affects soils with any degree of density. Although for dense soils, cyclic mobility 

tends to be a softening of the ground rather than the outright brittle collapse that can arise 

with loose soils, as shear induced dilation rolls in and acts to offset the densification induced 

excess pore pressure (Jefferies and Been, 2006). 

In flow liquefaction it is the loosest soils that create the greatest excess pore pressures, and 

drainage will improve their strength. This means that the overall behaviour can usually be 

assessed in terms of undrained strengths, without having to calculate the effects of pore water 

migration as excess pore pressures dissipate. In cyclic mobility, on the other hand, the zone of 

maximum excess pore pressure generation may not be the loosest soil but rather the soil that 

is in the most stressed location. As excess pore water migrates during dissipation it may cause 

strength or stiffness reductions elsewhere and lead to delayed failure (Jefferies and Been, 

2006). Even small excess pore pressures, which do not cause flow liquefaction or cyclic 

mobility, can produce some post-earthquake settlement, as the water flows from the voids 

and the volume of element reduces during dissipation. 

It’s also relevant to refer that flow liquefaction and cyclic mobility both require generation of 

excess pore pressure to occur, although at different levels. In fact, at high initial effective stress 

ratios, flow liquefaction can be triggered by very small excess pore pressures. Cyclic mobility, 

on the other hand, requires the excess pore pressure to reach the effective confining stress 

value, at a state of approximately zero effective stress. Significant permanent strains may 
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accumulate during cyclic loading, but as static shear stress does not exceed the shear strength 

of the liquefied soil, flow failure cannot occur (Kramer, 1996). 

In this thesis, liquefaction induced by cyclic loading due to earthquakes (cyclic mobility) is 

studied. In this case, cyclical pressure waves passing through the soil compress the soil faster 

than the water held within the soil structure matrix can dissipate. Pore pressure builds up to 

counter the contractive behaviour due to insufficient drainage motivated by the high 

frequency of the load, low permeability or long drainage path. Thus, in nearly undrained 

conditions, this tendency for pore pressure to increase during fast loading of sands produces a 

decrease in effective stress whereby it might approach zero. The sand behaves as a viscous 

liquid and may suffer a near complete loss of stiffness (material softening) and strength, which 

may lead to failure. 

Moreover, the term pre-liquefaction is considered as the phase where there is a contraction 

tendency with pore pressure build-up (liquefaction triggering), initial liquefaction as the first 

time an effective stress approximately zero is attained during cyclic loading and post-

liquefaction behaviour when the excess pore water pressure dissipates, after the loading has 

ended. 

 

4.3. Numerical simulation of saturated soils - fully coupled analysis 

There are basically three different approaches to the analysis of soil liquefaction and its 

consequences (Arulanandan, 1993): uncoupled methods (or a total stress approach), indirectly 

coupled methods and fully coupled methods (or an effective stress approach). In the 

uncoupled methods (total stress approach), which assume that nonlinear response can be 

approximated by a damped linear elastic model, with appropriate properties, choice of initial 

shear and damping modulus is rather arbitrary, which can lead to unrealistic stress paths and 

over-conservative shear-stress time histories. This methods are not able to accurately calculate 

deformations (Idriss and Boulanger, 2006). Moreover, in indirectly coupled methods, which are 

similar to uncoupled methods and add a linkage of pore pressure generation and dissipation to 

the nonlinear equations of motion and the change in volumetric strain, there are some 

limitations as well: the process of choosing the pore pressure generation model parameters is 

usually done by trial and error; there is not enough hysteretic dissipation during loading and 

unloading (nonlinear elastic analysis), which requires a viscous damping mechanism to ensure 

numerical stability of the analysis; the method is incapable of simulating the correct trend of 

pore pressure dissipation, which leads to incorrect vertical displacement time histories and a 

delay in recovering the effective stresses. So fully coupled analysis, in which the differential 

equations governing the solid and fluid phases of motion are coupled with the mass balance 

equation, is used in this thesis. 

The numerical simulation of stress-strain relationship of soils must consider the interaction of 

soil skeleton and pore fluid, characterized by a constitutive law written in terms of effective 

stresses in an incremental form, by pore fluid pressure, ��, and by degree of saturation, which 

is considered 100% in this thesis. 
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Moreover, liquefaction and cyclic mobility are phenomena associated with interaction 

between solid and fluid phases. In order to predict the dynamic response of saturated soil 

systems correctly, a coupled analysis of those two phases is required. Biot developed a general 

dynamics’ theory for fully saturated porous media [Biot (1941), Biot (1956), Biot (1956b)], 

which is widely used and will be followed here. 

The general equations governing this two-phase continuum are a combination of equations of 

motion used for elastodynamics and Navier-Stokes and continuity equations used for fluid 

dynamics. They are solved through numerical integration, using the finite element method. 

Mechanics of saturated porous media can be described on a macroscopic scale using averaged 

variables if the size of solid grains and pores is small compared with the dimensions considered 

and with the excitation wavelength (Oka and Kimoto, 2013). 

Therefore, the equations describing the behaviour of saturated soil are: equations of motion 

for the solid-fluid mixture, equations of motion for the fluid and continuity equation for the 

fluid or equation of mass conservation. Stresses and their increments are taken to be positive 

in compression. All stresses defined in this thesis are considered effective stresses, unless 

otherwise specified. 

Equations of motion for a unit volume of the solid-fluid mixture can be written in terms of 

total stresses as 

−5<V,V. +  ;< =  {̄< +  �°�± < +�V�<,V² (4.1) 

where 5<V. is the Cauchy total stress tensor applied to the current deformed state; {<, defines 

the mean displacement of solid matrix particles; ;< is the body force per unit mass and �< is 

the mean fluid velocity relative to the solid phase, measured as the ratio of fluid flow to gross 

deformed cross-sectional area.  � is the mass density of the fluid and   is the mass density of 

the saturated soil, expressed as: 

  = & � + (1 − &) 8 (4.2) 

where & is the porosity and  8 is the mass density of the solid phase. The porosity was taken as 

variable with time in the numerical analysis conducted in this thesis. Nevertheless, in order to 

simplify the equations herein presented, all terms in the above equation will be considered 

constant with respect to time. The equations which take into account a change of porosity 

with time can be easily found in Oka and Kimoto (2013). 

Therefore, equations of motion for the fluid, considering a control volume attached to the 

solid phase and moving with it, can be written as: 

−��,< − D< −  �{̄< −  �°�± < + �V�<,V²/& +  �;< = 0 (4.3) 

where �� characterizes stress in the fluid phase and D< is the viscous drag force per unit 

volume of the fluid (the viscous drag force exerted on the fluid by the solid), which takes into 

consideration the effect of deviatoric stress in a micro scale. It is given by, assuming validity of 

Darcy's seepage law: 
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nV<D< = �V (4.4) 

in which nV< = Oo ³´µ¶· is the anisotropic dynamic permeability tensor, noV< is the Darcy’s 

permeability tensor and d is the acceleration of gravity. 

Finally, the equation of mass conservation for a unit volume of the solid-fluid mixture is given 

by: 

��±� + ° �,</ �²�< + �±<< + �<,< = 0 (4.5) 

where � is the undrained bulk modulus of the soil, which can be related to the bulk moduli of 

the fluid, p�, and of the solid phase, p8, and to the porosity & through the relation: 

1� = &p� + 1 − &p8  (4.6) 

�<<  is the trace of the solid phase strain tensor defined by: 

�<V = 12 °{<,V + {V,<² (4.7) 

in which { is the mean displacement of particles forming the solid phase. 

Two additional sets of equations must also be satisfied: constitutive equations for the solid 

phase and equations representing initial and boundary conditions. The effective stress tensor 

is given by: 

5<V = 5<V. − <V�� (4.8) 

where <V  is the Kronecker delta. An incremental constitutive law can be assumed in the form: 

5<V = 6<VOW�OW (4.9) 

where 6<VOW  is the fourth-order stiffness tensor. Equations (4.1), (4.3) and (4.5), valid for 

saturated soils, govern both static and dynamic behaviour phenomena. When constitutive 

parameters are defined, these equations can be solved numerically with appropriate boundary 

and initial conditions. The initial condition will generally specify the full field of {<, �< and ��. 

Two sets of boundary conditions must then be defined: 

- Solid phase: the values of {< (or {± < or {̄<) on the boundary where displacement is 

prescribed and the values of the distributed external force �<. = 5V<.&V on the 

boundary where the force is prescribed. 

- Fluid phase: the values of pore pressure �� (or ��± ) on the boundary where pore 

pressure is prescribed, and the outward rate of flow � = �<&<  normal to the boundary 

where fluid flow is prescribed. 

When acceleration of the excitation is relatively small and for low frequencies, as in the case of 

an earthquake motion, fluid’s relative acceleration and gradient of fluid density can be 
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neglected (Oka and Kimoto, 2013). Therefore, underlined terms in equations (4.1), (4.3) and 

(4.5) can be neglected. 

Thus, unknowns are reduced to two. Displacement of solid phase, {<, and pore fluid pressure, 	��, can be chosen as primary variables, leading to the { − � formulation. According to 

Zienkiewicz and T. Shiomi (1984), it is convenient to use a formulation based only on soil 

displacements and pore pressures for low frequency phenomena, such as earthquakes. 

Besides, the { − � formulation can be easily applied to post-earthquake consolidation 

problems, since the displacement of pore water is explicitly introduced, or steady state 

conditions, where the acceleration terms in equations of motion are null. Moreover, solid 

displacement and fluid pressure are typically of interest in geotechnical analysis, and the 

following assumptions leading to the formulation are valid for most soil dynamics problems 

(Oka and Kimoto, 2013): 

- Soil is fully saturated; 

- Fluid density is constant with respect to space; 

- Solid grains are incompressible; 

- Fluid is compressible; 

- Fluid velocity gradient is small and all convective terms are negligible; 

- Fluid acceleration relative to the solid phase is negligible (excitation at low frequency 

range); 

- Solid is considered a continuum (excitation wavelength is large compared to soil pores 

and grains); 

- Small strains and negligible rotation; 

- Initial strains are not present; 

- Isothermal process. 

We also considered for simplicity of the presented equations that porosity is constant with 

respect to time. So, the equation of motion for the fluid-solid mixture has the following 

reduced expression: 

−°5<V + <V��²,V −  ({̄< − ;<) = 0 (4.10) 

Combining the equation of motion for the fluid phase, 

−��,< − D< −  �({̄< − ;<) = 0 (4.11) 

with the mass conservation of the solid-fluid mixture, 

��±� + �±<< + �<,< = 0 (4.12) 

it is obtained: 

��±� + �±<< − ¸nV<°��,< +  �{̄< −  �;<²¹,V = 0 (4.13) 
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Equations (4.10) and (4.13) together with the constitutive relation and boundary conditions 

constitute the strong form of the simplified { − � formulation (Chan, 1988), which can be 

discretized and solved numerically using two sets of primary values, {< and ��. 

Hence, to obtain a numerical solution, a suitable discretization process is necessary. The 

following finite element procedures are used for both spatial and time discretization. First, a 

spatial approximation is introduced [Parra (1996), Zienkiewicz et al. (1993)]:  

z = z(�) ≈ yzz(�) (4.14) 

�� = ��(�) ≈ yUUU(�) (4.15) 

where yz and yU are shape functions and z and UU are arrays of a finite set of parameters 

corresponding to nodal values of displacement and pore pressure, respectively. 

Using the Galerkin approximation, the governing equations (4.10) and (4.13) are transformed 

into a set of algebraic equations in space with only time derivatives remaining. Pre-multiplying 

(4.10) by yz» and integrating over the spatial domain Ω results in 

¼ A»¡�½ +wz̄
¾

= Z� (4.16) 

where A is the strain-displacement matrix relating increments of strain and displacement, � = Az, and w = ¿ yz» yz ΩÀ  is the consistent mass matrix. Load vector Z�, equal in 

size to z, contains body forces, boundary distributed external forces and prescribed boundary 

values: 

Z� = ¼ yz» =½ + ¼ yz»���.ÁÂ¾
 (4.17) 

where �� is the prescribed distributed external force on the boundary �. and = is the body force 

per unit mass array. 

Using the definition of effective stress, equation (4.16) can be rewritten as: 

wz̄ + ¼ A»¡½ +�UU − Z�
¾

= 0 (4.18) 

in which � is the discrete gradient operator coupling solid and fluid phases: 

� = ¼ A»^yU	½¾
 (4.19) 

with ^» = Ã1 1 1 0 0 0Ä. 
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Eq. (4.18) contains implicitly the two unknown arrays z and UU. ¡ will be defined by the soil 

constitutive model in terms of displacement increments and continuously integrated from the 

known initial values of the problem. 

Equation (4.13) is discretized using yU» as the weighting function: 

−�»z± + kUU − �UU± − ZU = Å (4.20) 

where k is the permeability matrix, 

k = ¼°ÆyU ²»Ç°ÆyU ²½¾
 (4.21) 

� is the compressibility matrix, 

� = ¼ yU» ]�yU ½¾
 (4.22) 

ZU represents a rate vector equal in size to vector UU, incorporating boundary flow, prescribed 

boundary values and the effect of body forces, 

ZU = ¼°ÆyU ²»Ç �=½ − ¼ yU»}~�� − gz̄
ÁÈ¾

 (4.23) 

}~ is the outer normal fluid flow on �� and g is the dynamic seepage force matrix, 

g = ¼°ÆyU ²»Ç �yz ½¾
 (4.24) 

For earthquake loading problems, gz̄ may be neglected, which leads to a symmetric global 

matrix. Vectors z and UU and their temporal derivatives are coupled through the matrix � and 

its inverse, therefore it is a fully coupled formulation. 

Thus, finally, the numerical solution of the discretized field equations requires integration in 

time. Equations (4.18) and (4.20) can be integrated in time using a single step predictor, multi-

corrector scheme of the Newmark type. The main process for all possible integration schemes 

is essentially the same. Basically, the known values of {�, {�± , {�̄ and ��� and ���±  at time �� 

must be updated to the unknown values {�\9, {�\9± , {�\9¯  and ���\9 and ���\9±  at time ��\9 = �� + ∆�. 
According to Zienkiewicz et al. (1993), equations (4.18) and (4.20) and the constitutive relation 

are satisfied at each time step if: 
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wz̄[\] +É¼ A»¡½
¾

Ê
[\]

+�UU[\] − Z[\]^ = 0 (4.25) 

−�»z± [\] +kUU[\] − �UU± [\] − Z[\]U = Å (4.26) 

So, there are two unknowns z̄[\] and UU± [\]. The link between values at successive time 

steps is provided by: 

zË[\] = z[\]Ux + �∆��∆z̄[ (4.27) 

z± [\] = z± [\]Ux + �∆�∆z̄[ (4.28) 

z̄[\] = z̄[\]Ux + ∆z̄[ (4.29) 

UUÌÌÌÌ[\] = UU[\]Ux + �∆�∆UU± [ (4.30) 

UU± [\] = UU± [\]Ux + ∆UU± [ (4.31) 

in which the predictor vectors are defined as: 

z[\]Ux = zË[ + ∆�z± [ + 1/2∆��z̄[ (4.32) 

z± [\]Ux = z± [ + ∆�z̄[ (4.33) 

z̄[\]Ux = z̄[ (4.34) 

UU[\]Ux = UUÌÌÌÌ[ + ∆�UU± [ (4.35) 

UU± [\]Ux = UU± [ (4.36) 

and 

∆z̄[ = z̄[\] − z̄[ (4.37) 

∆UU± [ = UU± [\] − UU± [ (4.38) 

In order to insure unconditional stability of the time integration scheme, it is necessary that 2� ≥ � ≥ 1/2 and � ≥ 1/2. Substituting (4.27) to (4.31) in equations (4.25) and (4.26) yields a 

general nonlinear equation set in which ∆z̄[ and ∆UU± [ remain as unknowns. These equations 

can be written in the form of residuals � as: 

�[\]^ = w∆z̄[ + ¼ A»¡[\]½¾
+ �∆��∆UU± [ − Î[\]^ = 0 (4.39) 

�[\]U = −�∆��»∆z̄[ + �∆�k∆UU± [ − �∆UU± [ − Î[\]U = Å (4.40) 
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where Î[\]^  and Î[\]U
 can be evaluated explicitly from the information at time & and ¡[\] is 

evaluated through the respective material constitutive relation. 

Equations (4.39) and (4.40) can be solved, for instance, by the modified Newton-Raphson 

method iterating up to convergence in each time step. It is also important to refer that viscous 

damping may be added to the solid phase in the form of Raleigh damping, which is very useful 

for taking into account damping at low level of strain (where hysteretic damping is inadequate) 

and reduce high frequency spurious content. 

 

4.4. Numerical simulation of the response of soils under cyclic loading – 

constitutive modelling 

There are two main types of constitutive models that can be considered with the goal of 

correctly modelling cyclic loading and liquefaction behaviour: cyclic nonlinear equivalent 

elastic models and cyclic elastoplastic models. 

Cyclic nonlinear equivalent elastic models include the Ramberg–Osgood model as well as the 

hyperbolic model and its modifications. In these models, a nonlinear elastic description of the 

stress–strain response, under cyclic loading, is made for each of the following phases: initial 

loading, unloading and reloading. The nonlinear elastic model is generally composed of one 

skeleton curve for initial loading and a series of hysteresis curves for subsequent unloading 

and reloading loops. Frequently, hysteresis curves are defined according to the Masing rules, 

which postulate that the tangent shear moduli, at reversal points of unloading and reloading 

branches, is identical to the initial shear modulus. Moreover, the shape of hysteresis curves is 

similar to that of the skeleton curve enlarged by a factor of two.  

When a nonlinear equivalent elastic model is used in liquefaction-induced deformation 

analysis, the following main factors cannot be directly simulated by these type of models: (1) 

the variation of shear modulus and damping with shear strain, (2) hardening, (3) changes in 

mean effective stress, (4) generation and dissipation of pore water pressure and (5) shear 

modulus degradation due to build-up of pore pressure. 

Actually, the above nonlinear equivalent elastic models are only suitable for the dynamic 

analysis of saturated soil deposits with level or nearly level ground and under small to medium 

induced shear strains. They cannot be used to predict large post-liquefaction deformation with 

more complicated boundary-value conditions, which can happen in most real cases, 

particularly in this thesis case-study. 

It is well known that cyclic elastoplastic models may provide a better prediction of stress–

strain behaviour for saturated sands subjected to cyclic loadings. Therefore, effective stress 

dynamic response analysis using cyclic elastoplastic constitutive models has now become the 

major approach to evaluate the response of liquefiable soils and assess adequacy of proposed 

remediation measures. Elastoplastic models are defined in reference to a stress-space 

associated with a point in the material and are formulated according to classical continuum 

mechanics, meaning there is a tensorial relation between stress and strain increments. Any 

stress path is obtained by integration of the stress relations. The models have the basic 
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ingredients of a classical plasticity theory, such as hardening and associative/non-associative 

flow rules, but they also include modifications which address the consideration of 

unloading/reverse-loading and, consequently, cyclic loading response. 

Elastoplastic models can be divided into: single-surface, two-surface and multi-surface models; 

bounding surface and generalized elastoplastic models; and subloading surface and multi-

mechanism models. Single, two and multi-surface models specify the translation and 

enlargement of single, two or multi-yield surface(s) to model cyclic loading behaviour. The 

subloading surface model reproduces cyclic stress–strain response through expansion and 

contraction of a subloading surface, while the surface keeps a similarity to the conventional 

yield surface. Multi-mechanism models yield the overall response by superposing the response 

of smaller units (mechanisms of deformation in particular stress sub-spaces). Simplified 

plasticity aspects at the unit level are transferred to the global level of the material point 

response. Among the above models, multi-surface and bounding surface models have been 

more successfully used for sands because of their flexibility and simplified treatment of the 

complex mechanisms that govern deformation of sands under cyclic loading. 

In fact, the key step for cyclic loading is how to deal with unloading or load reversals, which 

relate to the hardening rule rather than the particular form of the yield surface (Jefferies and 

Been, 2006). A simple form of work hardening plasticity is isotropic hardening, which uniformly 

expands the yield surface with plastic strain so that, during unloading and reversal of stress, no 

yield arises until the reversed stress exceeds the yield criterion established in the prior loading 

direction. Because elastic response does not produce excess pore water pressure, isotropic 

hardening models cannot simulate the effect of several stress reversals and the gradual build-

up of pore pressures. 

Multi-surface models were developed to avoid this limitation of isotropic hardening by 

providing several nested yield surfaces of different size within stress space (Figure 4.6), so that 

a variable rate of plastic straining can be simulated, in particular during stress reversals. In fact, 

the multi-surface model derives from the Mroz (1967) theory in which the material stress-

strain behaviour is simulated by a piecewise linear approximation, requiring that positions, 

sizes and plastic modulus of each of the yield surfaces be stored at each integration point. Any 

point on the yield surface represents a material state at which plastic yielding can occur. Thus, 

during plastic loading, kinematic hardening applies to the active surface where the stress point 

lies, until the next surface is reached. 

 

Figure 4.6 – Multi-surface model in principal effective stress space (Yang, 2000) 
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Bounding surface models, on the other hand, use the concept of an outer limit, or bounding 

surface. In fact, for any given stress state within or on the bounding surface, a proper mapping 

rule associates a corresponding "image" stress point on the surface (Figure 4.7). Therefore, the 

plastic modulus at the actual stress state is specified in terms of a bounding plastic modulus at 

the "image" stress state (Dafalias, 1986) and, consequently, plastic yielding for stress points 

inside the surface occurs at a magnitude determined by the distance of the actual stress to its 

image stress on the bounding surface. This surface moves during plastic flow but must always 

envelop the current stress state and may expand or shrink depending upon whether plastic 

volumetric strain increases or decreases. This allows inducing plastic volumetric and deviatoric 

strains during cyclic loading when the stress path is within the bounding surface, which is 

paramount for the simulation of pore-water pressure increase under cyclic undrained loading. 

 

Figure 4.7 – Bounding surface model in a normalized principal effective stress space (Zhang and Wang, 2012) 

 

Thus, both multi-surface and bounding surface models result in kinematic hardening. 

Kinematic hardening models can simulate both static liquefaction and cyclic mobility observed 

in standard laboratory tests.  

Although kinematic hardening models simulate well the response of the soil in single element 

tests with fixed principal stress direction, they are not so effective in situations with principal 

stress rotation. In kinematic softening, however, the yield surface is allowed to shrink as a 

function of principal stress direction changes or stress reversals. Not only does this capture the 

behaviour in standard laboratory tests, it also predicts the soil behaviour during principal 

stress rotation in constant stress invariant tests. The idea is that a yield surface reflects the 

mobilization of particle contacts at a micromechanical level, and therefore the yield surface 

has direction in stress space. Since particle contacts have evolved to best carry the imposed 

stresses, loading from a different direction will always load a less well configured arrangement 

of grain contacts. Correspondingly, rotation of principal stress directions is assumed to result in 

shrinking (softening) of the yield surface.  

Another consequence of principal stress rotation being a dominant driver of cyclic mobility is 

that void ratio (or state parameter) alone will be insufficient to predict the response of the soil. 

In fact, a large variety of grain particle arrangements (soil fabric) can exist for a specific volume 
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of void ratio. Thus, a description of the anisotropy in the grain contact arrangement is also 

necessary.  

Furthermore, in undrained (or constant volume) response, the tendency to dilate or contract is 

offset by pore pressure changes, and the magnitude of pore pressure change is such that the 

elastic volumetric strain balances the plastic volumetric strain due to shear. For a given 

amount of dilatancy, the pore pressure response will depend on elastic compressibility. In a 

stiffer soil larger pore pressure changes are generated to have the same elastic volume change 

and less liquefaction resistance than a more compressible soil. This emphasizes the importance 

of having a proper constitutive model to perform any liquefaction assessment. 

Several constitutive models have been proposed to simulate the cyclic behaviour of saturated 

sand, including those from Ghaboussi and Momen (1979), Oka (1982), Pastor and Zienkiewicz 

(1986), Nishi and Kanantani (1990), Kabilamany and Ishihara (1990), Prevost and Keane (1990), 

Oka et al. (1992, 1999), Taguchi et al. (1995, 1997), Parra (1996) and Hashiguchi and Chen 

(1998). 

More recently, the constitutive model described by Yang (2000) is a mixed stress/strain-space 

elastoplastic model that simulates the essential response characteristics of pressure sensitive 

soil materials under general loading conditions and also vital to accurately describe the extent 

of shear deformations under seismic loading. Such characteristics include dilatancy (shear-

induced volume contraction or dilation) and non-flow liquefaction (cyclic mobility), typically 

exhibited in sands or silts during monotonic or cyclic loading. The model was developed based 

on the original Prevost (1985) stress-space plasticity theory for frictional cohesionless soils.  

Yang's (2000) model considers the accumulated shear deformation associated with cyclic 

mobility that develops at a low nearly constant shear stress and effective confinement. Such 

deformations are modeled directly by a strain-space yield domain, within multi-surface (stress-

space) plasticity formulation. The cyclic shear deformation patterns are accounted for by 

enlargement and/or translation of this domain in strain space. In this model it is assumed that 

material elasticity is linear and isotropic and that nonlinearity and anisotropy result from 

plasticity. Two new distinct phases of soil response were added to account for liquefaction 

induced plastic deformation, namely: a perfectly plastic slip strain phase (without contraction 

or dilation) followed by a strongly dilative/contractive phase beneath the failure envelope. 

The constitutive model proposed by Zhang and Wang (2012) is capable of reproducing small to 

large strains from pre-liquefaction to post-liquefaction phases. The plasticity in the model is 

developed within the framework of bounding surface plasticity, with special consideration to 

the formulation of reversible and irreversible dilatancy. In fact, one of the most relevant 

contributions of this model is to present a theoretical framework for predicting the 

liquefaction deformation of saturated sand under undrained cyclic loading, after initial 

liquefaction.  

The shear strain in each loading cycle is decomposed into two components , i.e., one occurred 

in non-zero effective stress state, denoted as “solid-like shear strain”, and the other occurred 

in zero effective stress state, denoted as “fluid-like shear strain”, which has a greater share in 

the liquefaction deformation. The change in the “solid-like shear strain” is independent of the 
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loading history, depending only on the current effective stress. On the other hand, “fluid-like 

shear strain” is only triggered when the stress path crosses zero effective confining stress and 

depends merely on the shearing history. Moreover, it increases monotonically with increasing 

number of loading cycles, though the increasing rate gradually reduces for cyclic loading with 

constant amplitude. 

The volumetric strain is decomposed into two components with distinctive physical 

background: one induced by the change in mean effective stress and the other due to 

dilatancy. The latter can be further decomposed into a reversible dilatancy component and an 

irreversible dilatancy component. Under undrained conditions, volumetric strain is zero and 

when the effective confining stress decreases from its initial value to zero, the component 

induced by change in mean effective stress reaches a minimum threshold value. Development 

of deformation is accompanied by phase transformation between the solid-like and fluid-like 

state. Hence, there are three physical states alternating in the liquefaction process: 

- Solid-like state: the particles of sand contact each other and form a compressible soil 

skeleton structure. The saturated sand behaves as a granular frictional material, has a 

non-zero effective confining stress and can sustain shear stress. 

- Fluid-like state (liquefaction state): the particles of sand are in suspension, with no 

contact between them. The saturated sand behaves instantaneously like a viscous fluid 

and cannot bear shear stress. 

- Phase transformation state: the particles of sand are in critical contact with each 

other, but there is no contact stress between the particles and the effective stress is 

zero. The sand may either enter into the liquefaction state due to the contraction of 

soil skeleton when shearing along a certain direction or enter into the state of contact 

due to dilatancy of the soil skeleton when shearing in the opposite direction. 

Thus, an intrinsic relationship was found to exist between the shear deformation and the 

reversible and irreversible dilatancy after initial liquefaction, governed by the evolution laws of 

the three volumetric strain components described above (two dilatancy components due to 

shearing and a component due to the change in mean effective stress). The above mechanism 

allowed establishing both the triggering condition for unstable flow deformation and the 

method of determining large post-liquefaction reconsolidation volumetric strains. 

So, to sum up, the constitutive model has to be capable of reproducing the most relevant 

aspects of soil behaviour in what concerns cyclic performance and liquefaction. These aspects 

include liquefaction triggering (contraction tendency with pore pressure build-up), dilatancy 

effects and liquefaction behaviour. The latter shall be well reproduced, as large shear and 

volumetric deformations in saturated sands take place mostly after initial liquefaction and 

cause heavy damage in structures. This is essentially due to lateral spreading, occurring mainly 

in ground with a gently sloping surface and near riverbanks, and ground surface vertical 

settlement, which results from densification due to dissipation of excess pore water pressures. 

In this thesis, the constitutive model developed by Dafalias and Manzari (2004), which intends 

to simulate all the referred aspects of soil behaviour, will be used, as described in the next 

section. 
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4.5. Manzari-Dafalias model 

The Manzari-Dafalias model adopts the bounding surface and is built upon previous work by 

Manzari and Dafalias (1997), in which the two-surface formulation of plasticity is coupled with 

the state parameter Ï = , − ,�, to construct a constitutive model for sands in a general stress 

space. The model considers kinematic and isotropic hardening. 

This work was extended to account for the effect of fabric changes during loading (Dafalias and 

Manzari, 2004). It was observed that, despite the bounding surface formulation, simulation of 

reverse loading was not very accurate for small values of effective stress. This was attributed 

to the fact that the model did not account for the drastic change in fabric, observed in 

microscopic studies, during the dilatant phase of plastic strain, which has a significant effect on 

the contracting response upon reversal of loading. The latter is considered to be paramount in 

successfully simulating effective stress reduction and modulus degradation under undrained 

cyclic loading. Thus, dilatancy was made to depend on a fabric-dilatancy tensor whose 

evolution models macroscopically the foregoing phenomenon of fabric changes and their 

effect on dilatancy characteristics. 

In its formulation in triaxial stress space, the yield surface limits a wedge in � − � space, shown 

by the shaded area in Figure 4.8, whose bisecting line has a slope �, and whose wedge opening 

has a value of 2+�, being � and + stress ratio quantities. The dilatancy line (or phase 

transformation line - PTL), where there is a zero volumetric rate response, separates the 

contractant (below the line) from the dilatant (over the line) response. 

The model parameters and respective category and meaning are summarized in Table 4.1. The 

model formulation in triaxial and multiaxial stress space and respective calibration is described 

in more detail in chapter 6. 

 
Figure 4.8 – Yield, critical state (CSL), dilatancy (PTL) and bounding lines (BL) in U − } space (Dafalias and Manzari, 

2004) 

 

 

 

Yield 

Yield 

Bounding 

Critical 

Dilatancy 

Bounding 

Critical 

Dilatancy 



75 
 

Table 4.1 - Manzari-Dafalias model parameters and respective category and meaning 

Category Parameter Meaning 

Physical 
�:  Initial dry unit weight ,) Initial void ratio 

Elasticity 
 ) Initial shear modulus parameter 7 Poisson’s ratio 

Critical state 

v�,� Slope of the CSL in compression 

$ 
Parameter which, with v�,�, defines the CSL 

slope in extension ��  Slope of the CSL in space ,� − (��/��.)0  ,N) Void ratio at �� = 0 � Parameter of the CSL in space ,� − (��/��.)0  

Yield surface + 
Parameter related to the opening of the wedge 

limited by the yield surface 

Plastic modulus 

ℎ) Parameter of the plastic modulus $% Parameter of the plastic modulus &' Parameter related to the slope of the BL, v' 

Dilatancy 
() Parameter used to calculate dilatancy &:  Parameter related to the slope of the PTL, v:  

Fabric-dilatancy tensor 
����  

Maximum value a fabric-dilatancy variable, �, 
can attain $� Controls the pace of evolution of � 

 

The simulative capability of the constitutive model was checked by Dafalias and Manzari 

(2004) using the Verdugo and Ishihara (1996) triaxial data on Toyoura sand, both in drained 

and undrained conditions. The confining pressures varied between 100 and 3000 kPa and the 

relative densities from 18.5 to 63.7% (void ratio from 0.907 to 0.735, respectively). Thus, 

response of the sand varies from highly dilatant to highly contractant, depending on the 

combination of density and confining pressure. In Figure 4.9, simulations versus undrained 

compression laboratory tests results on Toyoura sand are presented for a relative density of 

63.7%. In this figure, variation of the confining pressure is not enough to change the dilatant 

behaviour, although for lower confining pressures contractant behaviour was also well 

reproduced. 

 

  

Figure 4.9 – Simulations versus experiments in undrained compression tests on Toyoura sand (Dafalias and 

Manzari, 2004) 
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In Figure 4.10, cyclic triaxial test data is also used to confirm that the model is capable of 

simulating cyclic loading, including stress reversal. Finally, the significant role of fabric-

dilatancy tensor in modelling reverse incremental loading can be appreciated by comparing 

the unloading undrained stress path, when ���� has a positive value, with the unloading path 

obtained with ���� = 0, in Figure 4.11. 

 

Figure 4.10 – Simulations (top) versus experiments (bottom) for a cyclic triaxial test on Toyoura sand (Dafalias 

and Manzari, 2004) 

 

Figure 4.11 – Comparison of loading–unloading simulation to data, with (�^ÐÑ = Ò) and without (�^ÐÑ = Å) the 

effect of the fabric-dilatancy tensor (Dafalias and Manzari, 2004) 

 

More recently, Taiebat and Dafalias (2008) introduced a modified equation as the analytical 

description of a narrow and closed cone-type yield surface that obeys rotational and isotropic 

hardening. This modification enabled prediction of plastic strains during any type of constant 

stress-ratio loading, whereas for earlier versions of the model constant stress-ratio loading 

induced only elastic response (open yield surface). Thus, the issue of plastic strains in very 
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loose sands, at moderate pressures without grain crushing and at very high pressures causing 

grain crushing, was addressed. In this thesis, this modification was not applied to the model, as 

the plastic volumetric behaviour did not have influence on the soil performance because the 

chosen confining pressures were quite low, due to the proximity of the interest zone to the 

river bed. 

A detailed calibration procedure for the model constants was also performed by Taiebat and 

Dafalias (2008). It was similar to the previous versions of the model, except for the limiting 

compression curve, for which isotropic (or one-dimensional) compression data for specimens 

loaded to high-confining pressures was needed. In conclusion, the model successfully 

simulated drained and undrained behaviour of sands under constant and variable stress-ratio 

loadings at various densities and confining pressures. 

The results of numerical analyses performed by Taiebat et al. (2007) also demonstrated the 

capability of the Manzari-Dafalias model in reproducing most of the important features of the 

complex interaction of pore fluid and sand particles subjected to cyclic loads. Pore pressure 

variation and vertical displacements were simulated with very good accuracy, being consistent 

with the behaviour of liquefiable sand in centrifuge tests (Figure 4.12 and Figure 4.13).  

 

Figure 4.12 – Recorded and computed excess pore pressure time histories in pore pressure cells P2 and P6, 0.05 m 

from the surface of the centrifuge box (adapted from Taiebat et al., 2007). 

 

Figure 4.13 – Recorded and computed settlement time histories at the free surface of sand column. (adapted 

from Taiebat et al., 2007). 

 

Besides, Taiebat et al. (2007) referred that liquefaction usually caused a significant increase of 

the coefficient of permeability. In fact, rapid changes in the pattern of excess pore pressure 

during shaking demonstrated that permeability is not a constant parameter in the liquefaction 

process and it may vary during earthquake loading. 

Manzari-Dafalias 
Centrifuge test 
Densification model 
(Zienkiewicz et al., 1978) 

Manzari-Dafalias 
Centrifuge test 
Densification model 
(Zienkiewicz et al., 1978) 
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Taiebat et al. (2010) presented a 3D finite element framework that employed fully coupled 

dynamic field equations with a { − � − � formulation ({ – solid displacement; � – pore 

pressure; � – fluid displacement) for simulation of pore fluid and solid skeleton interaction. 

The Manzari-Dafalias constitutive model was used for modelling the stress-strain response of 

the solid phase. Moreover, the { − � − � formulation allowed proper modelling of velocity 

proportional damping (viscous damping). Thus, physical damping, which dissipates energy 

during any wave propagation, was modelled in a realistic way. The displacement proportional 

damping was modelled by the dissipation mechanism of the constitutive model. 

The study included examination of the mechanism of propagation of earthquake-induced 

shear waves and of the liquefaction phenomenon in uniform and layered profiles of saturated 

sand deposits. Specifically, seismic response of a uniform soil column with relatively dense 

sand was compared with that of a layered soil column with a deep liquefiable loose layer. This 

liquefiable layer was shown to operate as an isolating layer, preventing transmission of 

earthquake-induced motions and shear stresses to the upper layers. In the uniform column the 

corresponding excess pore pressure ratio during shaking approached 1. The upper layers were 

in a liquefied state after the end of shaking until excess pore pressure completely dissipated 

from the surface. The situation was different in the layered soil column. The value of excess 

pore pressure ratio remained low during shaking. Liquefaction was observed only in the 

deepest layers during shaking (Figure 4.14). 

Nevertheless, water flow coming from liquefied bottom layers might have forced upper layers 

towards lower effective stresses and possibly instability. Additionally, liquefaction of the deep 

loose layers could have resulted in large strains in these layers, which might have resulted in 

rigid block translation of the upper layers. 

The importance of using an advanced constitutive model like the Manzari-Dafalias model was 

also stressed. In fact, the use of a fabric-dilatancy tensor was paramount in accounting for 

intense contractive response upon reverse loading increments after a dilative phase of loading. 

This clearly affected the predicted displacement and pore water pressure build-up during cyclic 

loading. 

 

Figure 4.14 – Contours of excess pore pressure ratio in the soil column at different times. (a) Uniform. (b) 

Layered. (Taiebat et al., 2010) 
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Cheng et al. (2013) implemented the Manzari-Dafalias model in FLAC3D (Itasca Consulting 

Group). Simulation results were compared with drained and undrained triaxial compression 

laboratory data (Toyoura sand) over various mean effective pressures and void ratios, similarly 

to Dafalias and Manzari (2004). Simulations of cyclic shear loading of sand, evolution of shear 

modulus and damping ratio with shear strain, free-field nonlinear response and dynamic 

response analysis of a slope were also presented. It was concluded that the model can be used 

in complex static and dynamic problems, where fully nonlinear analysis is relevant. 

Therefore, in this thesis, the Manzari-Dafalias model was chosen because it is capable of 

realistically simulating stress-strain behaviour of sands under monotonic and cyclic loads in 

drained or undrained conditions. It includes features such as: softening of sands at states 

denser than critical, as they dilate in drained loading, and at states looser than critical in 

undrained loading; and the pore-water pressure increase under undrained cyclic loading. It 

allows defining a unique set of model parameters for a given sand, independent of soil density 

and confining pressure values. 

 

4.6. PM4Sand model 

Boulanger and Ziotopoulou (2013) presented a 2D formulation of a sand plasticity model for 

geotechnical earthquake engineering applications. The model followed the basic framework of 

the Manzari-Dafalias model (Dafalias and Manzari, 2004). However, several modifications were 

developed and implemented in order to improve the model’s ability to approximate stress–

strain response during cyclic loading. These included: revising the fabric formation function to 

depend on plastic shear rather than plastic volumetric strains; adding fabric history and 

cumulative fabric formation terms; modifying the plastic modulus relationship and making it 

dependent on fabric; modifying dilatancy relationships to provide more distinct control of 

volumetric contraction versus expansion behaviour; providing a constraint on dilatancy during 

volumetric expansion so that it was consistent with Bolton′s dilatancy relationship (Bolton, 

1986); modifying the elastic modulus relationship to include dependence on stress ratio and 

fabric history; modifying the logic for tracking previous initial back-stress ratios (i.e., loading 

history effect); and, finally, recasting the critical state framework to be in terms of a relative 

state parameter index. The formulation was also simplified by restraining it to plane strain 

without Lode angle dependency for the bounding and dilation surfaces.  

Moreover, Ziotopoulou and Boulanger (2013) presented the calibration and implementation of 

their model. Basically, it was calibrated at the equation level to provide for better 

approximation of the trends observed in extensive laboratory-based and case history-based 

empirical correlations commonly used in practice. Therefore, the goal was to produce drained 

and undrained, monotonic and cyclic responses under a broad range of stress conditions, 

reasonably consistent with behaviours expected based on engineering correlations to 

commonly available in-situ test data (i.e., SPT, CPT and shear wave velocity data). 

The calibrated model has three primary input parameters: a shear modulus coefficient that is 

determined from in-situ shear wave velocity data, an apparent relative density which is 

estimated from SPT or CPT penetration resistances, and a contraction rate parameter that the 

user adjusts to fit the cyclic resistance ratio (BDD) determined from a design liquefaction 
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triggering correlation. As well as these, there are sixteen secondary parameters for which 

default values are provided based on the calibration process. 

Ziotopoulou et al. (2014) showed that PM4Sand solved a relevant problem of the Manzari-

Dafalias model (Dafalias and Manzari, 2004), related to the continuous accumulation of shear 

strains (cyclic mobility) in level ground conditions, after reaching liquefaction. The Manzari-

Dafalias model stops accumulating shear strains (locking-up) after reaching a pore pressure 

ratio of approximately 1, at shear strains of about 0.3% in Figure 4.15. PM4Sand, on the other 

hand, is able to progressively accumulate shear strains after initial liquefaction.  

 
Figure 4.15 – Stress-strain responses from single-element simulations of undrained cyclic direct simple shear: (a) 

using an implementation of the Manzari-Dafalias model; (b) using the PM4Sand model (Ziotopoulou et al., 2014) 

 

Moreover, volumetric strains that develop during post-liquefaction reconsolidation of sand are 

difficult to model using the conventional decomposition of strains into elastic and plastic 

components because a large portion of the post-liquefaction reconsolidation strains are due to 

sedimentation effects, i.e., volume reductions while the effective stresses remain close to zero, 

which are not easily incorporated into either the elastic or plastic components of behaviour. It 

is common for many plasticity-based constitutive models to underestimate by an order of 

magnitude reconsolidation volumetric strains. Accurate prediction of post-liquefaction 

volumetric strains can also be important for numerically simulating post-shaking pore pressure 

redistribution and its effect on slope deformations. 

In order to avoid this issue, Ziotopoulou and Boulanger (2013b) modified PM4Sand model 

providing an approximate method of accounting for post-liquefaction sedimentation strains 

during reconsolidation. This method provided more realistic estimates of reconsolidation 

strains by reducing the post-earthquake elastic shear modulus, and hence the elastic bulk 

modulus, at low effective stresses by a factor that accounted for the soil's loading history 

through a cumulative fabric term. Consequently, there was an increase of post-liquefaction 

reconsolidation strains, which compensated for sedimentation strains, not explicitly modelled. 

The elastic shear and bulk moduli’s reduction was based on the maximum fabric parameter, 
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the cumulative fabric (a damage measure), the current stress-ratio and the slope of the 

dilatancy line. This feature may be activated after the end of strong shaking. 

This version of PM4Sand was also shown to have limitations in predicting effects of sloping 

ground conditions (non-zero static shear stress ratio). It was found that the constitutive model 

was over-estimating accumulation of shear strains under sloping ground conditions, 

particularly during smaller cycles of loading in the later portions of the shaking time history. 

Thus, more recently, Ziotopoulou and Boulanger (2016) modified the formulation of the 

constitutive model to improve simulations of liquefaction-induced deformations of sloping 

ground subjected to uniform and irregular cyclic loading. Modifications made in the latest 

version included: revising the methodology for tracking initial back-stress ratios with regard to 

loading reversals; introducing a new rotated dilation surface, which is a function of fabric and 

type of loading; and making dilatancy and plastic modulus also dependent on fabric and type 

of loading. The latest version is also described in detail in Boulanger and Ziotopoulou (2015). 

PM4Sand model was validated by numerical modelling of centrifuge tests, namely the one by 

Kamai and Boulanger (2012), in which dissipation patterns, lateral spreading and shear strain 

localization were measured and recorded. The centrifuge model consisted of two mild slopes, 

one treated with drains, separated by a channel in the middle. Accounting for mesh geometry 

updating (large deformation effects) was essential for obtaining reasonable simulation results.  

Key observations and mechanisms from the centrifuge test were all reasonably captured and 

bounded by numerical simulations: dynamic response and onset of liquefaction; amount and 

pattern of surface deformation; patterns of pore pressure dissipation and void ratio 

redistribution; and difference in response between a sand profile treated and not treated with 

liquefaction drains. Benefits of the drains included effectively mitigating surface displacements 

and preventing concentration of shear strains. However, these beneficial effects might have 

been over-estimated due to the assumption of perfect drainage walls. 

According to Boulanger et al. (2014) performance-based design and evaluation of geotechnical 

structures affected by soil liquefaction requires engineering procedures that can account for 

liquefaction-induced strength loss and deformations. Boulanger et al. (2014) examined the 

mechanism of strength loss due to void redistribution within liquefied soils, using results from 

physical model tests and numerical simulations with PM4Sand, and discussed how such effects 

could be incorporated in performance-based design applications. 

Potential for void redistribution to cause strain localizations and associated deformations in 

liquefied soil depends on soil properties (initial relative density, cyclic resistance ratio and 

permeability), slope geometry (layer thicknesses, slope angle and continuity of interfaces) and 

ground motion characteristics (shaking intensity, duration and history). Thus, simulating void 

redistribution effects for field conditions involves improving the ability to characterize geologic 

heterogeneities, geology contacts, in-situ soil properties and ground motion characteristics. 

Geologic details can be expected to have a major influence on the thickness and/or continuity 

of any loosening zones and on the formation of ground cracks or soil boils that may reduce 

progression of loosening in certain zones. 
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Finally, it is also important to refer the centrifuge tests related with LEAP-GWU-2015, a project 

within the Liquefaction Experiments and Analysis Projects (LEAP) (Ziotopoulou, 2017). 

Numerical simulations of the LEAP centrifuge tests were performed to validate the numerical 

modelling approach. Measured and recorded dissipation patterns, accelerations, and 

displacements for a sloping ground of medium dense Ottawa sand subjected to a sinusoidal 

acceleration input motion were compared to numerical predictions performed in FLAC (Itasca 

Consulting Group) using the constitutive model PM4Sand. On average, key observations, 

mechanisms, general trends and magnitudes observed in the centrifuge facilities were 

successfully captured and bounded by the simulations, showing that PM4Sand has the 

capability to predict the response of liquefiable sloping ground. In Figure 4.16 a class A 

prediction (made prior to the event) is shown, which is overall quite successful except both 

cyclic strength cases trigger sooner that the recordings. Nevertheless, soil properties are found 

to play a very significant role in capturing the finer details of the response, and sensitivity 

analysis of selected parameters (permeability, soil stiffness, reconsolidation parameters, 

interface friction angle between soil and rigid box and damping values) could still foster 

improvements in numerical predictions. 

PM4Sand model has some important improvements over the original Manzari-Dafalias model, 

namely being able to progressively accumulate shear strains after initial liquefaction. However, 

it was not used on this thesis because it doesn’t allow simulating the stress-strain behaviour of 

the sand with a unique set of parameters for both monotonic and cyclic loading. Moreover, its 

3D formulation has not been developed yet and the 2D PM4Sand model is still being currently 

implemented in OpenSees (University of Berkeley) at the University of Washington, Seattle. 

 

Figure 4.16 – Recorded (centrifuge) and computed excess pore pressure time histories at four different depths 

along the middle array of pore pressure transducers (PP1 to PP4) with simulations using Case A and Case B (with 

different cyclic strength values) (Ziotopoulou, 2017) 
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5. Advanced laboratory testing on Tagus River sand 

5.1. Tagus River sand 

Tagus River sand was collected during a Costa da Caparica beach filling operation. It was 

dredged from the bottom of the river and transported by ship to a location near the beach, 

where it was discharged through a pipeline.  

Thus, the sand came with some shells and small pebbles. It was, therefore, washed in the 

laboratory and the larger particles, including the referred shells and small pebbles, were 

removed by using the 2 mm sieve. 

In this thesis, Tagus River sand is object of physical, hydraulic and mechanical (considering 

monotonic and cyclic loading) characterization for the first time. The grain size distribution is 

presented in Figure 5.1. As well as that, physical indexes are presented in Table 5.1. 

 

Figure 5.1 – Grain size distribution for Tagus River sand after washing and removal of large particles 

 

In fact, a first and relevant physical property to characterize soil structure, which is defined by 

spatial arrangement of grains and voids, is its density. Moreover, relative density, �1, is an 

useful parameter to measure the density of the soil: 

�1 = ,��� − ,,��� − ,�<� = �:,���	�: 	�: − �:,�<��:,��� − �:,�<� 
(5.1) 

The in-situ relative density of Tagus River sand was determined by using a correlation with SPT 

values, which were obtained mainly in the north shore of the river (see chapter 2). The 
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correlation resulted from statistical analysis of more than 50 field tests in sands (Skempton, 

1986): 

u�1� = 17 + 0.225� 
(5.2) 

where u is the SPT value and 5� the vertical effective stress in kPa. This correlation is mainly 

valid for 5� between 50 and 150 kPa (which corresponds approximately to the main liquefiable 

soil zone in this case study, up to a depth of around 20 m), for �1 between 0.40 and 0.90 and if 

the SPT procedure has a moderately high efficiency, which is usually the case nowadays. It is 

also relevant to refer that the u − �1 correlation can vary significantly depending on the 

specific sand, according to Skempton (1986). 

 

Table 5.1 – Physical indexes of Tagus River sand 

�9) 0.20 mm �J) 0.28 mm �G) 0.36 mm �K) 0.40 mm 

Uniformity coefficient, BC 2.0 

Curvature coefficient, B�  1.0 

Solid particles density,  f 2.70 

Maximum dry unit weight, �:,���  17.12 kN/m
3
 

Minimum dry unit weight, �:,�<� 14.32 kN/m
3
 

Minimum void ratio, ,),�<� 0.546 

Maximum void ratio, ,),���  0.848 

 

Hence, for different boreholes and depths, a �1 of 0.70 was estimated, which means relative 

density was fairly constant with depth, at least in the valid region of the correlation. Outside 

this region, relative density might increase with depth. Therefore, in the laboratory tests, a �1 = 70% after specimen consolidation was intended, although it was only possible to attain 

after specimen preparation. Thus, as will be seen later, there was some variation in �1 until 

the end of the consolidation phase.  

The sand permeability is a relevant hydraulic property. It was determined using the 

permeameter, with the specimen completely saturated. The hydraulic gradient, Ó, was 

increased progressively from 1 to 3, determining the permeability in each situation and then 

making an average. 

The coefficient of permeability, n, can be simply given by Darcy’s law: 

n = 9< × � = iℎ� × ∆�(∆� (5.3) 

where � is the water velocity, i corresponds to the specimen height, ℎ� is the water height, 

given by ℎ� = ∆�/��, ( is the transverse section area of the specimen and ∆� is the volume 

change (water volume variation inside the specimen) in a certain time interval ∆�. Thus, the 
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coefficient of permeability when using the permeameter is shown in Table 5.2, which is within 

the usual range for clean sands. 

 

Table 5.2 – Permeability testing 

Test i (m) ℎ� (m) ( (m
2
) n (m/s) 

Permeameter 0.060 0.060 to 0.180 7854 x 10
-6

 6 x 10
-4

 

 

5.2. Testing plan 

The main aim of this series of tests is to obtain directly the parameters for the Manzari-

Dafalias constitutive model. For those parameters that cannot be obtained directly, the 

laboratory tests will be modeled with a “driver”, which is an algorithm for integrating the 

constitutive elastoplastic equations of the model, with the purpose of finding the parameters 

that give a better fit between the model and the laboratory test results.  

It is important to refer that the simulation of laboratory experiments through step by step 

integration of a constitutive equation assumes a uniform state of stress and strain within the 

soil sample, a uniform sample density, perfect load application on the sample boundaries, no 

end restraint effect, no strain localization, and no membrane penetration effect in undrained 

testing. It is quite difficult to meet all these ideal conditions in sand testing, especially during 

cyclic tests, where experimental errors add up.  

The sand physical characterization included: a grain size analysis; determining the solid 

particles density,  f; and determining the maximum, �:,���, and minimum, �:,�<�, dry unit 

weight, which correspond to the minimum, ,�<�, and maximum void ratio, ,���, respectively, 

according to the ASTM D 4253-93 and ASTM D 4254-91 standards. It allowed determining the 

physical parameters of the Manzari-Dafalias model, namely the initial dry unit weight �: and 

the initial void ratio ,).  

Moreover, to characterize the stress-deformation behavior of Tagus River sand, six monotonic 

drained triaxial tests were planned (Table 5.3). Effective confining pressures, �����, ranging 

from 100 to 300 kPa, were set admitting a maximum depth of 30 m (5� around 300 kPa) for 

liquefaction triggering in the case-study. This corresponds to tests MDT_Dr70_p300, 

MDT_Dr70_p200 and MDT_Dr70_p100 (�1 = 70% and ����� = 300, 200, 100	n|�, 

respectively). In fact, �1 increased substantially during the consolidation phase of the tests for 

the confining pressure of 300 kPa, meaning it is more difficult to attain liquefaction for higher 

confining pressures and typically depths. Additionally, �1 = 60% (����� = 100	n|�) (test 

MDT_Dr60_p100) and �1 = 80% (����� = 300	n|�) (test MDT_Dr80_p300) were adopted, to 

compare with the other laboratory tests and validate the chosen constitutive model. Finally, 

test MDT_Dr70_pcte was planned maintaining ����� constant, because the calculation of a 

dilatancy-related constitutive model parameter, (), required a � constant test, in order that 

the volumetric variation of the specimen was only due to shear, as will be seen in chapter 6. 
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Table 5.3 – Planned monotonic drained triaxial tests 

Test �1 	(%)	 ����� 	(kPa) 

MDT_Dr70_p300 70 300 

MDT_Dr70_p200 70 200 

MDT_Dr70_p100 70 100 

MDT_Dr60_p100 60 100 

MDT_Dr80_p300 80 300 

MDT_Dr70_pcte 70 200 

 

The main goal of these tests was to obtain the static strength parameters of the Tagus River 

sand, as well as some plastic modulus and dilatancy-related parameters, paramount to 

calibrate the Manzari-Dafalias constitutive model. Thus, the objective was to obtain directly: 

the modulus of elasticity, 6 (and consequently the initial shear modulus parameter  )), and 

the Poisson’s ratio, 7; the critical state parameters, v�,�, $, ��, ,N) and �; the plastic modulus 

parameter, &'; and the dilatancy parameters, &: and (). As well as that, the yield surface 

parameter, +, and the plastic modulus parameters, ℎ) and $%, would be obtained through 

fitting. 

In order to investigate the cyclic loading of soils as well as calibrate the numerical model, a 

variety of laboratory tests can be used, the most important of which are cyclic triaxial, simple 

shear and torsional shear (or hollow cylinder) tests (Jefferies and Been, 2006). All laboratory 

tests are directed at testing an element of soil. The goal is to have uniform stress and strain 

conditions so that the constitutive behaviour can be derived directly from the measurements. 

Cyclic triaxial tests have been most commonly used to characterize cyclic behaviour of sands 

since the early work of Seed and Lee (1966). However, Seed recognized early on that triaxial 

tests do not, in general, replicate in-situ stress conditions under earthquake loading. Thus, he 

focused in the simple shear apparatus, in which the vertical normal stress and shear stress on 

the horizontal plane are controlled and a zero radial strain condition is imposed. These are 

more similar to the ground conditions during earthquake loading. Nevertheless, there are 

problems with complementary shear stresses on the edges of simple shear samples as well as 

with uniformity of stress conditions within the sample. Furthermore, because normal 

horizontal stress is not usually measured, calibration of constitutive models to the measured 

cyclic simple shear results is problematic. 

Arthur et al. (1979, 1980) showed the importance of changes in principal stress direction to soil 

behaviour. Although principal stresses rotate in the simple shear test, this test is inadequate 

for investigating constitutive behaviour because the normal horizontal stress is not generally 

measured. Nowadays, the hollow cylinder test is the most used test to investigate the effects 

of changes in principal stress direction. 

In a hollow cylinder test, a torque, as well as an axial load, is applied to the base of a hollow 

sample. When internal and external cell pressures are different, the hollow cylindrical sample 

is subject to hoop (tangential) stresses. This combination of radial, axial and tangential 

stresses, together with torsional shear, makes the hollow cylinder a versatile test. More 

commonly, internal and external cell pressures are kept equal, resulting in stress conditions 
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close to simple shear. Actually, the stress state is closer to plane stress rather than plane 

strain, but without the problem of complementary shear, although stress non-uniformities 

may occur on certain stress paths, namely for 59 5J⁄ > 2 (Naughton and O’Kelley, 2007). Most 

significantly, in the hollow cylinder test all principal stresses can be determined. 

So, five cyclic undrained torsional tests were planned, to characterize the cyclic behaviour of 

Tagus River sand (Table 5.4): 

 

Table 5.4 – Planned cyclic undrained torsional tests 

Test �1 	(%) ����� 	(kPa) 

CUT_Dr70_p300 70 300 

CUT_Dr70_p200 70 200 

CUT_Dr70_p100 70 100 

CUT_Dr60_p100 60 100 

CUT_Dr80_p300 80 300 

 

A similar approach to the monotonic drained triaxial tests was taken for the cyclic undrained 

torsional tests regarding the chosen relative densities and effective confining pressures. The 

key goal of these tests was to obtain, through fitting of the laboratory test results to the 

numerical model, the two parameters related to the fabric-dilatancy tensor of the Manzari-

Dafalias model, namely ���� and $�.  

 

5.3. Specimen preparation 

Hollow cylinder specimens were prepared for torsional testing and the various processes in 

their preparation are described next. The preparation phase encompassed every operation 

between filling the form with soil and saturation of the specimens. Indeed, the specimens shall 

be fully saturated, so as to better represent the underwater conditions. Likewise, solid 

specimens were prepared for triaxial tests, with similar preparation procedure. 

 

5.3.1. Sand shower 

In this thesis, the preparation of specimens was done using a sand shower, because in-situ 

sampling significantly modifies soil structure, its density and may even change the anisotropy 

that results from natural soil deposition. In-situ freezing was also not an option due to its high 

cost. Thus, a sand shower was used to prepare specimens in laboratory systematically, with 

the required relative density. The homogeneity and anisotropy induced by sand placement are 

similar to gravitational sedimentary deposition. 

LNEC’s 2.2 m high sand shower is a moving shower, with disperser sieves and dry deposition in 

air environment, which can be used to prepare solid or hollow specimens (Serra, 1998). 

Distance between the last sieve and the top of the form can vary between 0.03 and 0.60 m, 

using a maximum of six sieves (Figure 5.2). It is constituted by a foundation concrete block and 
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a steel base to which the lifting system is connected, limiting vibration transmission to the 

three columns that support its essential components, namely the sand deposit, the disperser 

sieves and the sand box, where the form is placed (Figure 5.2).  

 

Figure 5.2 – Sand shower (adapted from Serra, 1998) 

 

The sand deposit has a circular exit hole on its base with a diameter of 0.07 m. The exit 

diameter can be reduced by a sliding steel plate with a circular hole, which diameter varies 

from 0.005 m to 0.07 m, allowing emission flows, ab, between 1 Pa/s and 1000 Pa/s (Serra, 

1998). ab represents the soil weight that leaves the sand deposit in a certain time and by unit 

area of the transversal section of the exit hole. It is important to refer that before placing the 

sand in the deposit, it was previously dried in a stove for at least a day, under a 50oC 

temperature. 
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A set of disperser sieves with square mesh is placed between the exit hole of the sand deposit 

and the form to have a more uniform deposition of sand in the entire specimen section. It also 

controls grain descending trajectories, minimizing their mutual perturbation. In this case, fall 

height is defined as the distance between the mesh of the last sieve and the deposition 

surface. The distance between the exit hole and the mesh of the first sieve is defined as 

transition height (Figure 5.2). The number of sieves and the mesh dimension can be changed. 

Based on past experience, the mesh dimension of the first sieve should be 1/2 to 1/3 of the 

others. With increasing t/� ratio (where t is the mesh dimension and � a representative 

dimension of the grain), �1 decreases, and, in the extreme case, without an adequate 

distribution of the sieves, the specimen may lose its homogeneity. Therefore, the first sieve 

had a mesh dimension t of 4.76 mm (# 4) and the remaining sieves of 9.51 mm (# 3/8”). To 

maximize sand dispersion, consecutive sieves’ meshes are rotated by 45 degrees. 

Relative density �1 depends not only on grain shape, increasing with sphericity, but also on 

kinetic energy with which the grain hits deposition surface. The latter depends on fall height of 

grains, ij, deposition flow, aL, way of deposition and deposition environment. 

Fall height of grains, ij, corresponds to a vertical distance between the beginning of the free 

fall of the grains and the deposition surface (Figure 5.2). Deposition speed grows with ij until 

a limit value ije, around 0.60 m to 0.80 m, from which it is virtually constant. So, to obtain 

different densities of the soil, it is convenient to select ij < ije  (Serra, 1998). 

Regarding deposition flow, aL (the weight that fills in a certain time a volume defined by a 

horizontal surface of unit area), �1 decreases with increasing aL as the efficiency of the 

movement translational component is reduced. Deposition flow naturally and mainly depends 

on emission flow, ab (and on exit hole diameter), varying between 1 Pa/s and 1100 Pa/s (Serra, 

1998). 

Concerning way of deposition, a moving shower, which allows keeping fall height constant, 

was chosen to avoid segregation of particles and heterogeneity in horizontal planes. The lifting 

platform moves vertically, being guided by three columns. It descends at a speed similar to the 

speed of sand rising inside the form (the range of speed is between 0.0001 m/s and 0.013 m/s) 

and is controlled by a system that imposes speed profiles with soft initial and final transitions.  

The sand box, placed on the lifting platform, works as a collecting deposit for the sand. In this 

thesis, a solid steel plate was added to the lifting platform to increase the weight of the 

equipment and limit the amplitude of vibrations that could over densify the soil. 

Finally, deposition environment can be vacuum, water or air. Air was the chosen option, as it 

allows preparing specimens with a great range of density and guarantees uniformity of the 

specimen as long as sand flow is continuous and fall height is constant. Using water, on the 

other hand, allows preparing only low density specimens, which have to be subsequently 

densified. That operation may destroy anisotropy associated to the deposition process (Serra, 

1998). 
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5.3.2. Specimen preparation phases 

Hollow cylinder specimens’ preparation for torsional testing included insertion of an interior 

cylindrical collapsible central form in a solid base, the porta-specimens. The form was 

constituted by a central vein and two cylindrical parts covered by an interior membrane 

(Figure 5.3). This membrane was connected to the bottom porous plate. 

 

Figure 5.3 – Porta-specimens, interior cylindrical collapsible central form and cup 

 

An exterior cylindrical collapsible form, constituted by four cylindrical parts, was also placed 

over the porta-specimens and an exterior membrane was juxtaposed to its interior, using 

suction generated by a vacuum pump.  

Moreover, a cup was connected to the interior collapsible central form (Figure 5.3). Then, 

during sand showering, sand fell from the sand deposit, at a higher position relatively to the 

deposition plane, filling the cup with sand grains that would have hit the top of the interior 

form and bounced, disturbing the descending trajectories of the other grains. The sand 

showering operation was only considered finished, by closing the exit hole of the sand deposit, 

when the form was completely filled. 

After the sand shower, the vacuum line was closed and form, specimen and porta-specimens 

were weighed. The upper porous plate was placed over the soil as well as a top piece (Figure 

5.4) with annular cross section. A centring ring and an o-ring were positioned between the top 

piece and the interior membrane. Finally, another annular piece activated this o-ring (Figure 

5.4). In case of a solid specimen, a porous plate and a corresponding top piece were simply 

placed over the specimen. 
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Figure 5.4 – Porous plate and top piece placed after the sand shower (left); annular piece that activates the o-ring 

(right) 

 

The specimen was then placed at the torsional cell by connecting the porta-specimens to the 

cell central vein. The drainage bottom and top tubes were also connected and vacuum was 

reapplied to the specimen using one of the tubes connected to the top (Figure 5.5). After this, 

the interior form (its central vein and the two cylindrical parts) could be removed, as the 

specimen was stable under the applied vacuum. The head piece was then placed and the 

interior drainage tube was connected to it (Figure 5.5). The exterior form was also removed. 

In torsional tests, the loading cell was connected to the head piece of the specimen by a 

transversal vein and two screws (Figure 5.6). This operation was performed with the cell open 

and the loading cell supported on a flexible steel cage. The loading cell was connected to the 

head of the specimen by raising the specimen with computer control and imposing zero axial 

force and torque. Subsequently, the cell was lowered and the screws, at its base and at the 

connection between the load cell and the top of the cell, were simultaneously tightened. The 

cell was closed and filled with water without air (both exterior and interior volumes). 

In case of triaxial compression tests, connection to the loading cell was made through a 

stainless steel semi-sphere, which penetrated a spherical cap with a slightly higher radius, in 

the top piece of the specimen. It was considered that the loading cell was in contact with the 

specimen when the loading force attained 10 N. 
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Figure 5.5 – Drainage bottom and top tubes connected; vacuum reapplied to the specimen using one of the tubes 

connected to the top (left); head piece placed and forms removed (right) 

 

Next, saturation process began. It consisted of removing gas that existed in the pore fluid. CO2 

was used as it is considerably more solvable in water than air, thus reducing saturation time. 

So, specimen saturation was executed in three phases, namely: removing and replacing the air 

in the specimen voids by CO2; removing CO2; compressing and dissolving the remaining CO2, by 

increasing back pressure. Confining pressures were increased simultaneously to preserve 

density of the specimen.  

CO2 flowed through the specimen for around two hours, from bottom to top, under a 

differential pressure of less than 10 kPa (Figure 5.7). It is denser than air, which facilitates 

replacement. Then, water also flowed between the top and the bottom of the specimen, 

under a small differential pressure (around 5 kPa), until gas bubbles stopped exiting the 

specimen (Figure 5.7). Both entrances at the bottom, and exits at the top, were used to ensure 

the specimen was fully saturated. 

Then, external and internal confining pressures were increased to 30 kPa, back pressure to 

10 kPa, and vacuum pump was turned off. The test itself began with the saturation process last 

phase of compressing and dissolving the remaining CO2. This phase was materialized by 

increasing simultaneously internal, external and back pressure, maintaining their 20 kPa 

difference. This was done at a low rate of around 6 kPa/h until back pressure attained around 

400 kPa. 
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Figure 5.6 – A transversal vein and two screws connect the loading cell to the head piece of the specimen 

 

At the end of the saturation phase, the final Skempton B value was determined by increasing 

external and internal confining pressures of 20 kPa, keeping the back pressure line closed and 

registering pore pressure change. The B value was in all cases over 0.98, which guaranteed a 

high degree of saturation. After determining the B value, back pressure was increased 20 kPa 

and the respective drainage line was open. 

Finally, the specimen was consolidated, in this case in isotropic conditions. External and 

internal confining pressures were increased in a slow and gradual way (around 4 kPa/h) until 

the intended effective consolidation pressure (100, 200 or 300 kPa) was reached. Back 

pressure was maintained constant. The specimen was then ready for the shear phase of the 

triaxial or torsional tests. 

 

5.4. Monotonic drained triaxial testing 

Undrained behaviour is caused by an imposed boundary condition in laboratory and by loading 

rate and drainage capacity in a field situation. Soil behaviour, however, continues to be the 

result of effective stresses, and previously established properties from drained tests apply. In 

fact, in a field situation, there will be some drainage in the short term and complete drainage 

in the long term (Jefferies and Been, 2006). Therefore, monotonic drained triaxial testing was 

used to to characterize the stress-deformation behavior of Tagus River sand and to determine 

its mechanical properties. 
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Figure 5.7 – CO2 flowing through the specimen (left); water flowing between the bottom and the top of the 

specimen (right) 

 

The following set of devices was used: 

- triaxial cells for specimens with 0.100 m in diameter (T10 – Wykeham Farrance 11004 

with a capacity of 1700 kPa); 

- two pressure/volume controllers for specimen drainage (back pressure controller) and 

to apply hydrostatic cell pressure (cell pressure controller) (“GDS Instruments”); 

- computer acquisition system (“GDS”). 

Vertical loads were applied on the bottom boundary, imposed by vertical movement, and 

horizontal stresses were applied on the lateral boundary. Horizontal movements of the base 

were fixed, while vertical and horizontal movements were restrained along the top boundary. 

Six monotonic drained triaxial tests were performed, which are presented in Table 5.5. Table 

5.5 includes dimensions of the specimen, i) and �), as well as their dry unit weight, �:, 

relative density, �1, and void ratio after preparation, ,); and the chosen effective 

consolidation pressure, �����, and void ratio after the consolidation phase, ,����. The 

accepted relative density after preparation was: 70%±2% for tests MDT_Dr70_p300, 

MDT_Dr70_p200, MDT_Dr70_p100 and MDT_Dr70_pcte; 60%±2% for test MDT_Dr60_p100; 
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and 80%±2% for test MDT_Dr80_p300. High values of the B parameter were obtained for all 

cases. Finally, test MDT_Dr70_pcte was made maintaining � constant, with the goal of 

determining a dilatancy-related parameter () for the constitutive model (see chapter 6). 

 

Table 5.5 – Monotonic drained triaxial tests data 

 After specimen preparation After consolidation 

Test i) (m) �) (m) �:  (kN/m
3
) �1  (%) ,) �����  (kPa) ,����  

MDT_Dr70_p300 0.1200 0.0347 16.21 71.3 0.634 300 0.584 

MDT_Dr70_p200 0.1230 0.0348 16.21 71.3 0.634 200 0.626 

MDT_Dr70_p100 0.1232 0.0348 16.21 71.3 0.634 100 0.631 

MDT_Dr60_p100 0.1227 0.0348 15.81 57.6 0.675 100 0.671 

MDT_Dr80_p300 0.1205 0.0348 16.44 78.8 0.611 300 0.566 

MDT_Dr70_pcte 0.1231 0.0347 16.11 67.9 0.644 200 0.624 

 

After the saturation phase, specimens were isotropically consolidated. All tests were then 

subjected to shear by controlling axial strain, ��. During shear, the radial confining pressures 

were kept constant, equal to the consolidation pressures. The tests were executed with the 

back pressure drainage valve open, so pore pressure was constant during the test. The applied 

rate of axial deformation was 0.0003 m/h. 

In Figure 5.8 results for tests MDT_Dr70_p300, MDT_Dr70_p200, MDT_Dr70_p100, 

MDT_Dr60_p100 and MDT_Dr80_p300 are plotted, including curves: (�� , �); (�� , �/�); 

(�� , ��) and (�, �). 

The value of � in the critical state naturally increases with increasing confining pressure and is 

presented for all the tests in Table 5.6, as well as the value of � and of the ratio	�/� in the 

critical state and the respective friction angle, ��,�. 

 

Table 5.6 – Critical state values 

Test �� 	(kPa)	 �� 	(kPa) (�/�)�  (kPa) ��,�  (
o
) 

MDT_Dr70_p300 861 587 1.47 36.1 

MDT_Dr70_p200 579 393 1.47 36.3 

MDT_Dr70_p100 336 212 1.58 38.8 

MDT_Dr60_p100 292 197 1.48 36.4 

MDT_Dr80_p300 862 588 1.47 36.1 

MDT_Dr70_pcte 258 200 1.29 32.1 

 

Tests MDT_Dr60_p100 and MDT_Dr80_p300 confirm the quality of the results obtained for 

tests MDT_Dr70_p300 and MDT_Dr70_p200. The value for test MDT_Dr70_p100 is quite high, 

probably because there was some problem measuring the volume change, namely in the peak 

zone, where �� does not change and where (�/�)� was calculated. We opted for determining (�/�)� at the point where the volume variation signal changes (volume variation equal to 

zero) and not presenting (�/�)� using the values at an axial strain of 20% because at that 

phase the specimen could have suffered large strain with localization and the measurements 
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were not reliable. However, these values at an axial strain of 20% show some coherence 

between them, once again assuring the global quality of the results. 

 

Figure 5.8 – Tests MDT_Dr70_p300, MDT_Dr70_p200, MDT_Dr70_p100, MDT_Dr60_p100 and MDT_Dr80_p300 – } (kPa), }/U and volumetric strain ×�Ø versus imposed axial strain ×�Ð and } (kPa) versus U (kPa) 

 

In the (�� , ��) plot, though, the volumetric strain curve of test MDT_Dr70_p200 should be 

between tests MDT_Dr70_p300 and MDT_Dr70_p100 and of test MDT_Dr80_p300 should be 

under test MDT_Dr70_p300, which did not happen, from �� approximately 11% and 13%, 

respectively, due to a possible blockage in the back volume system or malfunctioning of the 

back pressure controller, possibly due to wear out of its o-rings, explained by the constant 

friction they are subjected to. Moreover, a high volumetric variation can be observed 

(between around 5 and 7% in the critical state), which is typical of angular sands, and may be 

explained by the presence of small shell parts in the sand. 
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Once in these tests � changes with �, the volumetric variation is due to both isotropic pressure 

and shear stress. Thus, for instance, comparing tests with different �1 and the same confining 

pressure, test MDT_Dr60_p100 (with the lowest �1) has a lower volumetric strain than test 

MDT_Dr70_p100, because the rearrangement of the particles is easier with lower �1. The 

same happens with tests MDT_Dr70_p300 and MDT_Dr80_p300 (MDT_Dr70_p300 has slightly 

lower �1 than MDT_Dr80_p300 and consequently lower volumetric strain). What is more, 

when comparing tests with the same �1 and different confining pressures (tests 

MDT_Dr70_p300, MDT_Dr70_p200 and MDT_Dr70_p100), test MDT_Dr70_p100 has the 

greatest volumetric variation as tests with lower confining pressure are less restricted to 

expanding. Although the curves from tests MDT_Dr60_p100 and MDT_Dr70_p100 would 

expectedly be closer, some divergences can be seen, probably due to the volume 

measurement problems referred above.  

In Figure 5.9 results for test MDT_Dr70_pcte are plotted, including curves: (�� , �); (�� , �/�); 

(�� , ��) and (�, �). 

 

 

 

Figure 5.9 – Test MDT_Dr70_pcte - } (kPa), }/U and volumetric strain ×�Ø versus imposed axial strain ×�Ð and } 

(kPa) versus U (kPa) 
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As can be observed in Figure 5.9, test MDT_Dr70_pcte is a � constant test. Moreover, in what 

concerns the critical state, the value of (�/�)� (Table 5.6) in this case is lower than expected, 

probably because there was some problem measuring the volume change at an initial phase 

with very low axial strain, which affected also the peak zone, where (�/�)� was calculated. 

Regarding the (�� , ��) plot, the same problem of test MDT_Dr70_p200 is evident in the 

volumetric strain curve, from �� approximately 11%. 

 

5.5. Cyclic undrained torsional testing  

5.5.1. Introduction 

The torsional shear device was used to perform cyclic undrained torsional tests on hollow 

cylindrical specimens. A solid or hollow cylindrical specimen can be tested in the torsional test 

apparatus, but hollow cylindrical specimens were used to avoid the solid cylindrical specimens’ 

non-uniform shear strain distribution in the radial direction. 

The torsional shear device overcomes some of the limitations of the triaxial device, which has 

only two independent stress components and fixed orientations of principal stress axes in 

vertical and horizontal directions (Figure 5.10). In fact, in 3D conditions, six components exist 

and principal stress axes rotate in real loading conditions. Another advantage of the torsional 

shear device is that there is no end in the peripheral direction. Therefore, the problem of non-

uniform stress caused by end effects can be avoided (Towhata, 2008). 

 

 

Figure 5.10 – Stress state for the cyclic torsional test (left – adapted from Xu et al. (2013)) and for the cyclic 

triaxial test (right – adapted from Matsumura et al. (2015)) 

 

Moreover, the cyclic triaxial test is a poor approximation to most practical in-situ cyclic 

loadings, particularly earthquake induced loading. Actually, initial stress state of the soil is 

usually anisotropic and actuation of an earthquake generates primarily an increase of shear 

stresses, which can be well simulated in a cyclic torsional test. Furthermore, in simple shear 

tests there is a plane strain state and they include the same small and gentle principal stress 

rotations that arise in cyclically loaded foundations of structures. Simple shear tests have in 

particular an excellent similarity to long plane strain geotechnical structures. 
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Comparing cyclic triaxial and cyclic simple shear test data, the difference in the measured 

trends is not simply caused by differently defined stress ratios between the two tests. Rather, 

the soil response is dominated by quite different principal stress rotations, from gentle 

rotation in simple shear to extreme principal stress jumps (flips) imposed in the cyclic triaxial 

case. Correspondingly, Wong and Arthur (1986) stated that cyclic rotation of principal stress 

directions in sand has a large impact on the behaviour of the material when compared with 

that observed in shear under constant directions of principal stress. 

Hence, the cyclic torsional test allows complex stress change involving rotation of principal 

stress axes to be produced in the test specimen, which is relevant in modelling stress-strain 

and dilatancy effects. In fact, the material response description under rotational shear is of 

interest because stress paths associated with cyclic earthquake loadings result in widespread 

change of principal stress values and directions. 

Thus, the main goal of this thesis test programme is to characterize stress-strain behaviour of 

the sand under cyclic loading, in the medium to large range of strains, including liquefaction, 

and to obtain parameters for the constitutive model, related with cyclic behaviour of the soil. 

 

5.5.2. Cyclic torsional apparatus 

LNEC’s torsional shear apparatus shears a specimen that is covered by rubber membranes and 

consolidated under cell water pressure, similarly to a conventional triaxial device (Figure 5.11).  

 

Figure 5.11 – LNEC’s torsional shear device 
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The initial geometry of the specimen is defined by its height, i, external radius, �!, and 

internal radius, �<, which allow defining internal water volume, �<, and specimen volume, �. 

Generalized displacements are height change, ∆i, rotation around the specimen axis, �, 

external radius variation, ∆�!, internal radius variation, ∆�<, variation of internal volume, ∆�<, 
and variation of specimen volume, ∆� (Serra, 1998). 

The specimen cylindrical shape makes it natural to consider cylindrical coordinates (� – radial 

coordinate, � – tangential coordinate and � – vertical coordinate). Thus, the following strain 

tensor expresses the deformed configuration of the hollow specimen: 

� = Ù�1 0 00 �� ���0 ��� �� Ú (5.4) 

Shear strains �1� and �1� are zero due to radial symmetry of the specimen and of the loading 

system. Kinematic compatibility equations, in cylindrical coordinates, allow defining �� and ��� = ��� = 2���, respectively (Serra, 1998): 

�� = −∆ii 	 (5.5) 

��� = 2�3i �!J − �<J�!� − �<�	 (5.6) 

Considering a linear variation of radial displacement in the specimen thickness: 

�1 = −∆�! − ∆�<�! − �< 	
(5.7) 

�� = −∆�! + ∆�<�! + �< 	
(5.8) 

The radial direction is the principal direction associated to the middle principal strain. 

Variation of the specimen’s internal radius, ∆�<, is estimated indirectly by internal water 

volume variation. Thus, admitting water incompressibility and a cylindrical shape for the 

specimen: 

∆�< = ∆�< − #�<�∆i2#�<(i + ∆i) (5.9) 

Concerning variation of the specimen’s external radius, ∆�!, the expression is similar, 

substituting variation of the internal volume by the volume limited by the cylindrical surface of 

radius �!, ∆� + ∆�<: 
∆�! = ∆� + ∆�< − #�!�∆i2#�!(i + ∆i)  (5.10) 
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In this type of apparatus, a vertical load, a�, a torsional torque, �, an external confining 

pressure, �!, and internal, �< , in case of hollow specimens, and a back pressure, �' , are applied 

to the specimen (Serra, 1998). Therefore, four components of stress, specifically vertical, 5�, 

shear, ���, and two lateral normal stresses (51, 5�) can be applied to the specimen under 

controlled conditions. Shear stresses (�1�, �1�) in the vertical internal and external faces of the 

specimen are zero, due to the fact that external and internal confining pressures act on the 

specimen through membranes, which do not allow development of shear stresses. The radial 

direction is also a principal stress direction along the thickness of the specimen and 51 a 

principal stress. The following stress tensor expresses the stress state in a generic situation: 

5 = Ù51 0 00 5� ���0 ��� 5� Ú (5.11) 

Equilibrium differential equations, in which � is the soil unit weight, can be written as (Serra, 

1998): 

51,1 + 51 − 5�� = 0	
5�,�� + ���,� = 0	
���,�� + 5�,� + � = 0 

(5.12) 

Solution of these equations, considering boundary conditions and the compatibility equation 

of the strain field, leads to a stress field that varies along the thickness of the hollow specimen. 

So, to be able to analyse the tests, a nominal stress state, representing average behaviour of 

the specimen, has to be defined. 

Using equilibrium in the vertical direction, 5� can be written as (Serra, 1998): 

5� = a�#(�!� − �<�) + �!�!� − �<�<��!� − �<�  (5.13) 

Considering equilibrium in the horizontal direction, the kinematic compatibility equation, the 

hypothesis of linear elasticity and also that the average value is only determined in a fixed 

radius (Serra, 1998), 51 and 5� can be written as, respectively: 

51 = �!�! + �<�<�! + �<  
(5.14) 

5� = �!�! − �<�<�! − �<  
(5.15) 

In what concerns shear stress, ���, considering torque equilibrium it is given by (Serra, 1998): 

��� = ��� = 32# ��!J − �<J 
(5.16) 
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Outer and inner cell pressures in the horizontal direction are usually equal, meaning there are 

three degrees of freedom in stress control (5�, 51 and ���), and the radial and tangentially 

normal horizontal stresses are considered equal to each other (51 = 5� = ��), where �� is the 

applied confining pressure. Consequently, effective mean principal stress, �, is defined by: 

� = 59 + 5� + 5J3 = 5� + 2513 = a�3#(�!� − �<�) + �� 
(5.17) 

Effectively, any field stress condition can be reproduced, by controlling a�, �, �!, �<  and �' and 

applying accordingly the corresponding components of stress on a hollow cylindrical specimen. 

Serra (1998) describes several possible stress and strain paths. In this thesis, a sinusoidal 

rotation was imposed to generate simple shear strain. The drainage valve of the specimen was 

closed (undrained conditions) and shear was applied with lateral confinement in the radial 

direction. This meant ∆i = 0, ∆� = 0 and �! = �<, which resulted in invariability of the 

specimen’s transversal section, �� + �1 = 0, a condition relatively close to the simple strain 

state, �� = �1 = 0. 

 

5.5.3. LNEC’s torsional shear equipment 

LNEC’s torsional shear equipment is constituted by five fundamental units: a) the triaxial cell; 

b) the control/data acquisition system; c) the axial control system; d) the torsional control 

system; and e) the pressure and volume control system. A brief description of this equipment 

follows, while more detail can be found in Serra (1998). 

The triaxial cell is basically made by a glass fibre cylinder connected to two steel rings at the 

ends and by an aluminium tub rigid base that supports the cylinder (Figure 5.11). It allows 

applying pressures up to 1.5 MPa. It can be moved in the vertical direction and has a load cell 

connected to the upper ring. The stiffness of the specimen is insignificant when compared with 

the stiffness of the cell, tub and support structure. The aluminium tub has twelve connections 

to the exterior, predominantly hydraulic connections. 

The data acquisition system is formed by a personal computer, an interface, a signal 

conditioning system and five controllers. These are, specifically, a digital controller of axial 

force/displacement (AC), which controls a� and ∆i; a digital controller of torque/rotation (TC), 

which controls � and �; and three controllers of water pressure/volumetric variation (internal 

pressure – IPC, external pressure – EPC and back pressure – BPC), which control, respectively, �<  and ∆�<, �!  and ∆�! and �' and ∆�. Controllers can also regulate indirectly �!, �< and �� 

(pore pressure measured on the bottom porous plate). 

It is relevant to refer that, during this thesis, changes were made in the software that controls 

the torsional shear device, namely in its dynamic modulus. In fact, the possibility of changing 

duration of the test and, consequently, number of cycles until test termination, as well as 

recording data with less than 2 seconds between measured values, were implemented. 

The axial and torsional control system is constituted by two electric motors that generate, 

independently, axial and torsional loads, which are transmitted to the specimen through a 

central vein, disposed in a special way so that its movement does not cause any volumetric 
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flow inside the triaxial cell (Serra, 1998). The axial loading can be applied by controlling 

displacement, force or axial stress. The maximum amplitude of the vein movement is 0.100 m. 

Similarly, the torsional loading can be applied by controlling torsional rotation, torsional 

torque or nominal shear stress in horizontal planes. The maximum amplitude of rotation is 70o. 

In this thesis, a previously established rotation was imposed to the base of the porta-

specimens. 

In order to control pressure and volumetric changes, three digital pressure controllers were 

used, with a 200 x 10-6 m3 capacity and a maximum pressure value of 2 MPa. They allow to 

read (and control) pressure or volume change of the used fluid, in this case water. Basically, a 

piston moves on a cell with water without air and induces variations on the water pressure 

(pressure control) or on the cell volume (volume control). The error in volume measurement is 

0.5 x 10-6 m3, while for pressure is 1 kPa. 

Additionally, to measure the different physical quantities, internal transducers measure 

pressure in each controller and the axial position and rotation of the vein. Likewise, external 

transducers measure, namely: axial force and torsional torque, through the axial/torsional cell; 

axial displacement and torsional rotation through a vertical and horizontal LVDT, respectively, 

placed near the vein and outside the triaxial cell; pore pressure, through a pressure 

transducer; and external cell pressure through another pressure transducer. 

Capacity of the used axial/torsional load cell is 10 kN/100 Nm, with uncertainties of 10 N and 

0.1 Nm, respectively. Axial displacement can be measured by using the motor encoder, which 

is connected to the loading vein by two steel belts, with an uncertainty of 3 x 10-6 m, or by the 

vertical LVDT, with an uncertainty of 1 x 10-6 m and maximum amplitude of 0.005 m. Rotational 

displacement can also be measured by the motor encoder, with an uncertainty of 0.01o or by 

the horizontal LVDT, with an uncertainty of 0.001o and maximum amplitude of 4o. When 

performing a rapid cyclic test, which is the case in this thesis, LVDTs cannot be used, due to the 

possibility of exceeding their range and damaging the equipment. 

It is also important to refer that, when doing an undrained test, pore pressure at the top of the 

specimen can be measured if the back pressure controller is placed in volume control with 

constant volume, instead of just closing the respective valve (Serra, 1998). The external pore 

pressure transducer is connected to the porous plate at the base of the specimen and has a 

range of 1700 kPa with a maximum error of 1 kPa. 

Temperature was also controlled in order to be in the interval 20±1oC, thus limiting the 

volumetric variation of the specimen due to temperature changes. 

Finally, to saturate the specimen and to guarantee that the water had an insignificant 

compressibility when compared to the specimen compressibility, a system that provides water 

without air was used. This system is constituted by an industrial deaerator, a vacuum pump 

and a closed hydraulic circuit, which is connected to all the hydraulic tubes of the torsional 

shear equipment. Hence, it was possible to keep the water without air when it flooded the 

specimen, the triaxial cell and the controllers’ deposits.  
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5.5.4. Cyclic undrained torsional tests 

During the tests, the specimen was placed over a porous plate in the porta-specimens 

pedestal, which was fixed to the loading vein. The top of the specimen contacted with the 

loading cell, through another porous plate and a head part. So, in all tests performed, a 

rotational and a vertical movement were applied along the bottom boundary and horizontal 

normal stresses along the lateral boundary. Movements along the bottom and top boundary 

were fixed horizontally. 

Assuring, as much as possible, homogeneity of stress and strain states along the specimen, so 

that the corresponding measured average states would correspond to the real behaviour of 

the specimen, was quite a pertinent issue. In fact, there are numerous factors that can 

contribute to the variation of stress and strain states along the specimen, namely singularities 

at its top and bottom, transversal section curvature, particularly for different internal and 

external confining pressures, and applying a torsional torque (Serra, 1998). Therefore, the 

porous plates at the top and bottom of the specimen were made with a high relief, enhancing 

friction and transmission of torsional rotation. This induced an almost uniform displacement 

field near the porous plates, as well as near the top and bottom of the specimen. 

Moreover, geometry of the specimen was selected in order to minimize the above mentioned 

factors. Thus, the specimen had the following approximate dimensions: i = 0.140	+, �! = 0.035 + and �< = 0.015	+. An adequate height allowed minimizing disturbance due to 

singularities of the endings. Thickness of the specimen was chosen as small as possible to avoid 

significant variation in the radial direction, but limited by the need to have a representative 

dimension of the soil particles, and by practical reasons related to the specimen preparation. 

Therefore, five cyclic undrained torsional tests with hollow cylinder specimens were 

performed. Table 5.7 includes dimensions of the specimens, i), �!,) and �<,), as well as their 

dry unit weight, �:, relative density, �1, and void ratio after preparation, ,); the chosen 

effective consolidation pressure, �����, and void ratio after consolidation phase, ,����. The 

accepted relative density after preparation was: 70%±2% for tests CUT_Dr70_p300, 

CUT_Dr70_p200 and CUT_Dr70_p100; 60%±2% for test CUT_Dr60_p100; and 80%±2% for test 

CUT_Dr80_p300. 

After the saturation phase, specimens were isotropically consolidated. All tests were subjected 

to shear by controlling strain. Rotation amplitude, �, and consequently strain amplitude, γθz, 
were increased progressively, using each of the following values during 10 cycles of 1 s 

(Y = 1	Hz): � = ±0.155°,±0.311°,±0.932°,±1.863°,±3.105°, ±6.211°,±9.316° and γθz	=	±5×10-4,	±1×10-3,	±3×10-3,	±6×10-3,	±1×10-2,	±2×10-2,	±3×10-2. 

 
Table 5.7 – Cyclic undrained torsional tests data 

 After specimen preparation After consolidation 

Test i) (m) �!,) (m) �<,) (m) �:  (kN/m
3
) �1  (%) ,) �����  (kPa) ,����  

CUT_Dr70_p300 0.1431 0.0354 0.0147 16.15 68.9 0.640 300 0.551 

CUT_Dr70_p200 0.1433 0.0354 0.0148 16.17 69.8 0.637 200 0.581 

CUT_Dr70_p100 0.1431 0.0355 0.0147 16.18 70.0 0.637 100 0.627 

CUT_Dr60_p100 0.1431 0.0355 0.0147 15.92 60.9 0.664 100 0.652 

CUT_Dr80_p300 0.1433 0.0355 0.0147 16.51 80.6 0.605 300 0.539 
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External and internal confining pressures were kept constant as well as axial force. Tests were 

executed with the back pressure drainage valve closed. This implied that changes on the mean 

effective confining stress were exclusively due to pore pressure variation. Additionally, the 

final excess pore pressure value corresponded approximately to the initial mean effective 

confining stress, which meant liquefaction was attained in all cases (pore pressure ratio, 

defined as the ratio between excess pore pressure change and effective confining stress, was 

approximately equal to 1). 

Figure 5.12 to Figure 5.15 illustrate the obtained results for test CUT_Dr70_p100, with a �1	 of 

70% and the lowest confining pressure of 100 kPa. This means that after consolidation �1	 was 

quite similar to that after specimen preparation. There were some problems with data 

acquisition, namely between 30-40 s, which did not affect general results. This also happened 

for the other tests, at different cycles. 

The herein considered condition for initial liquefaction is when excess pore water pressure first 

equals the initial mean effective confining stress. For practical reasons, initial liquefaction was 

considered to have occurred when excess pore pressure was 95% of the initial effective 

consolidation pressure, thus in this test at 46.5 s (γθz	=	±0.01). 
In Figure 5.12 it can be observed that, for the first cycles, the curves are very close together, 

but as the specimen approaches liquefaction strains increase and hysteresis loops’ open up 

quickly. In fact, hysteresis loops’ are initially almost vertical, with a hysteresis area very close 

to zero and then, after initial liquefaction, their hysteresis area increases considerably and they 

tend to the horizontal, i.e., shear strain increases with very small increase in shear stress. 

Concerning Figure 5.13 a), it reflects the gradual build-up of pore pressure (Figure 5.14 a)) as 

the effective mean stress reduces. At a certain point, the stress path intersects the phase 

transformation line (PTL), and the behaviour changes from contractive to dilative. Then, as the 

stress path approaches the critical stress ratio, the specimen starts failing and the shape of the 

stress path changes completely to a “hooked” shape towards the later stages of the test, as 

seen on Figure 5.13 b). In Figure 5.13 b), the path is slightly outside the bounding line (BL) for 

small �/����� values because of some marginally negative � values, due to inaccurate 

calculation of � from the principal stresses and the excess pore pressure. 

The specimen reaches the critical stress ratio at low � values, because of the high pore 

pressures generated, but as strain increases dilation tendency moves the stress path up the 

critical state line (CSL). When stress reverses, dilation tendency ceases and volumetric 

contraction tendency drives the stress path back down towards the origin, until the critical 

stress ratio is encountered in the opposite direction. Additionally, in this test a transient zero 

effective stress condition occurs as the deviatoric stress crosses the horizontal axis, but there is 

no sustained zero effective stress or liquefaction condition. Moreover, for each cycle of 

imposed shear strain, there are two cycles of excess pore pressure, which decreases in the 

dilation phase and, after strain (and stress) reversal, increases in the contraction phase in both 

directions (Figure 5.14 b)). 
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a) 

 
b) 

 
c) 

 
d) 

Figure 5.12 – Shear stress ßà� (kPa) versus shear strain áà� – CUT_Dr70_p100: a) all cycles; b) cycle at 5 s (pre-

liquefaction); c) cycle at 25 s (pre-liquefaction); d) cycle at 65 s (liquefaction) 

 

 
a) 

 
b) 

Figure 5.13 – }/Uâã[Z versus U/Uâã[Z – CUT_Dr70_p100: a) 0-30 s (pre-liquefaction); b) after initial liquefaction 

(CSL – critical state line, PTL – phase transformation line, BL – bounding line) 
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It is also fundamental to refer that after 20 s, when a rotation amplitude of 0.932o was 

imposed (corresponding to a shear strain amplitude of ±3x10-3), sand began to become 

significantly soft and ��/�����, at the end of the last cycle with this amplitude (near 30 s), 

exceeded approximately 65% (Figure 5.14 a)). At 50 s there was a clear transition in the 

imposed amplitude of shear strain, which was then kept constant and equal to ±2x10-2 during 

10 s. This transition was also reflected in shear stress variation (Figure 5.15). 

 
a) 

 
b) 

Figure 5.14 – Excess pore pressure UU (kPa) versus time � (s) – CUT_Dr70_p100: a) full test; b) detail after initial 

liquefaction 

 

  

Figure 5.15 – Shear stress ßà� (kPa) and shear strain áà� versus time � (s) – CUT_Dr70_p100 after initial 

liquefaction 

 

In tests CUT_Dr70_p300, CUT_Dr70_p200, CUT_Dr60_p100 and CUT_Dr80_p300, sand also 

become significantly soft and ��/�����, at the end of the last cycle with shear strain amplitude 

of ±3x10-3, exceeded approximately 59%, 69%, 84% and 54%, respectively (Figure 5.16). The 

value obtained for test CUT_Dr70_p200, of 69%, should probably be lower and between the 

values obtained for tests CUT_Dr70_p300 (of 59%) and CUT_Dr70_p100 (of 65%), but the 

significant jump in excess pore pressure at 10 s might have affected the result to some degree 
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(Figure 5.16 b)). The other values are consistent with the respective relative densities and 

confining pressures. 

 

 
a) 

 
b) 

 
c) 

 
d) 

Figure 5.16 – Excess pore pressure UU (kPa) versus time � (s): a) CUT_Dr70_p300; b) CUT_Dr70_p200; c) 

CUT_Dr60_p100; d) CUT_Dr80_p300 

 

Furthermore, and particularly for tests CUT_Dr70_p300, CUT_Dr70_p200 and CUT_Dr80_p300 

there was a change in pore pressure before the beginning of the shear phase of the test. This 

may be related to a residual compression at the top of the specimen, which was applied when 

closing the triaxial cell and is difficult to eliminate for the existing torsional apparatus. 

The time at which initial liquefaction is considered to have occurred (when excess pore 

pressure attained 95% of the initial effective consolidation pressure) and the corresponding 

shear strain level are presented for all tests in Table 5.8. For the same �1 of 70%, initial 

liquefaction time is higher for test CUT_Dr70_p300, with the highest confining pressure. 

Moreover, it is similar in tests CUT_Dr70_p200 and CUT_Dr70_p100 and happens sooner than 

in test CUT_Dr70_p300, which may indicate that, for the same �1, under a certain value, 
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confining pressure does not influence significantly time of initial liquefaction (Figure 5.17 a)). 

Although, as explained before, there was a jump in excess pore pressure at test 

CUT_Dr70_p200, which may have contributed to anticipate initial liquefaction and, thus, the 

time of initial liquefaction for CUT_Dr70_p200 could have been slightly higher. Concerning 

different values of �1, initial liquefaction time is the lowest for the smaller �1 of 60% and it is 

the highest for CUT_Dr80_p300, with a �1 of 80%, although very similar to test 

CUT_Dr70_p300, which may also indicate that over a certain value, �1 does not influence 

considerably time of initial liquefaction (Figure 5.17 b)).  

 

Table 5.8 – Time � (s) and shear strain level γθz for initial liquefaction 

Test � (s) γθz 
CUT_Dr70_p300 57.5 ±0.02 

CUT_Dr70_p200 46.5 ±0.01 

CUT_Dr70_p100 46.5 ±0.01 

CUT_Dr60_p100 33.1 ±0.006 

CUT_Dr80_p300 58.0 ±0.02 

 
a) 

 
b) 

Figure 5.17 – Time � (s) for initial liquefaction versus: a) confining pressure U (kPa); b) relative density äx (%) 

 

In Table 5.9 the shear stress amplitude for the last cycle of each imposed rotation amplitude is 

presented. The values after initial liquefaction are highlighted in red. It can be observed that, 

initially, until around 20 s, it depends exclusively on the confining pressure, due to a mostly 

elastic behaviour. After that, softening takes place. The shear stress amplitude increases up to 

a point before initial liquefaction. As initial liquefaction is approached, it decreases marginally, 

increasing again after initial liquefaction. The amplitude is higher for the tests with higher 

confining pressures (CUT_Dr80_p300 and CUT_Dr70_p300) and is the lowest for the test with 

smaller �1 and confining pressure (CUT_Dr60_p100). It is also important to refer that for test 

CUT_Dr60_p100, the value of shear stress amplitude between 49 and 50 s is not considered 

due to problems with data acquisition during the test. The value for test CUT_Dr80_p300, 

between 19 and 20 s, was also expected to be closer to the value for test CUT_Dr70_p300. 
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What is more, the value for test CUT_Dr70_p100, between 19 and 20 s, is slightly higher than 

for test CUT_Dr60_p100. 

 

Table 5.9 – Shear stress ßà� amplitude (kPa) – last cycle 

 
��� amplitude (kPa) 

cycle (s) CUT_Dr70_p300 CUT_Dr70_p200 CUT_Dr70_p100 CUT_Dr60_p100 CUT_Dr80_p300 

9 to 10 53.1 36.1 23.6 23.9 53.6 

19 to 20 83.2 45.2 29.8 26.4 69.7 

29 to 30 91.7 45.7 33.1 26.3 95.6 

39 to 40 82.5 32.7 27.0 18.8 89.8 

49 to 50 76.3 23.8 24.3 - 94.5 

59 to 60 93.4 31.2 38.6 12.7 97.0 

69 to 70 106.5 33.2 47.9 - 113.2 

 

In Table 5.10 the shear stress amplitude, but now for the first cycle of each imposed rotation 

amplitude, is presented. In this case, the shear stress amplitude has a similar behaviour to the 

last cycle, except for tests CUT_Dr70_p300 and CUT_Dr80_p300, with the highest confining 

pressure, where it increases until initial liquefaction, decreasing afterwards. 

 

Table 5.10 – Shear stress ßà� amplitude (kPa) – first cycle 

 
��� amplitude (kPa) 

cycle (s) CUT_Dr70_p300 CUT_Dr70_p200 CUT_Dr70_p100 CUT_Dr60_p100 CUT_Dr80_p300 

0 to 1 53.9 37.2 25.2 26.0 52.5 

10 to 11 87.6 47.5 33.3 31.6 75.4 

20 to 21 117.4 62.7 50.1 50.9 119.5 

30 to 31 131.1 65.5 62.3 38.1 140.6 

40 to 41 129.8 56.1 52.6 18.9 152.9 

50 to 51 178.1 77.0 90.8 41.1 193.0 

60 to 61 164.4 78.6 88.2 - 168.2 

 

Comparing the shear stress semi-amplitude difference between the first and the last cycle, for 

each imposed rotation amplitude (Table 5.11), it is initially small, but becomes more significant 

as liquefaction is approached, particularly after 30 s. Subsequently, there is a slight reduction 

in the difference for tests CUT_Dr70_p200, CUT_Dr70_p100 and CUT_Dr60_p100, which then 

generally increases after initial liquefaction. In tests CUT_Dr70_p300 and CUT_Dr80_p300 this 

reduction happens only after initial liquefaction. 

In Figure 5.18, the evolution of shear stress with time is presented for tests CUT_Dr70_p300 

and CUT_Dr70_p100, where this behaviour can be clearly seen. In fact, after an initial almost 

elastic behaviour, with small shear stress semi-amplitude differences between the first and the 

last cycle, softening increases with increasing deformation and the same deformation can be 
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attained with a lower shear stress for the last cycle, increasing the shear stress semi-amplitude 

difference between first and last cycle, at least until initial liquefaction. Consequently, 

equivalent shear modulus also reduces between first and last cycle. 

 

Table 5.11 – Shear stress ßà� semi-amplitude difference (kPa) between first and last cycle 

 
��� semi-amplitude difference between first and last cycle (kPa) 

cycle (s) CUT_Dr70_p300 CUT_Dr70_p200 CUT_Dr70_p100 CUT_Dr60_p100 CUT_Dr80_p300 

0 a 10 1.2 1.9 1.3 1.8 1.5 

10 a 20 3.1 6.1 2.3 2.7 3.2 

20 a 30 14.2 9.5 8.7 13.7 12.1 

30 a 40 25.8 17.0 21.4 11.1 26.2 

40 a 50 27.9 16.4 14.9 - 31.3 

50 a 60 43.2 24.3 26.5 16.6 50.0 

60 a 70 29.9 28.1 20.5 - 28.2 

 

  

Figure 5.18 – Shear stress ßà� (kPa) versus time � (s) – CUT_Dr70_p300 (left) and CUT_Dr70_p100 (right) 

 

Regarding the hysteresis areas, it can be confirmed in Table 5.12, for the first cycle, that they 

increase during every test and this increase is considerable, just before initial liquefaction for 

CUT_Dr70_p300 and CUT_Dr80_p300, and immediately after initial liquefaction for the other 

tests. The damping ratio ξ is also shown in Table 5.13. It increases until a peak value, and then, 

just before initial liquefaction, generally decreases till the end of the test, due to a more 

pronounced reduction of shear stress between the soil particles as � approaches 0, although 

the concept of equivalent viscous damping is not valid with large inelastic deformations (Figure 

5.19). Moreover, as for the shear stress amplitude, the damping ratio depends initially almost 

exclusively on the confining pressure. The results for the last cycle are similar. 

For the cycle between 0 and 1 s, the damping ratio may be a little too high for tests 

CUT_Dr70_p100 and CUT_Dr60_p100, particularly. This is because, apart from ξ being initially 

higher with lower confining pressures, a small error in the hysteresis area calculation may lead 
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to a higher than expected value of ξ, as imposed strains are quite small. Values of the damping 

ratio are also particularly high between 20 and 21 s and also between 30 and 31 s since, with 

the high increase in excess pore pressure in those cycles, there is significant softening of the 

sand. 

 
Table 5.12 – Hysteresis area (kPa) – first cycle 

 
Hysteresis area (kPa) 

cycle (s) CUT_Dr70_p300 CUT_Dr70_p200 CUT_Dr70_p100 CUT_Dr60_p100 CUT_Dr80_p300 

0 a 1 0.0018 0.0031 0.0036 0.0042 0.0015 

10 a 11 0.0234 0.0192 0.0156 0.0166 0.0236 

20 a 21 0.2097 0.1308 0.0996 0.0943 0.2121 

30 a 31 0.4914 0.2620 0.1941 0.0973 0.5166 

40 a 41 0.7239 0.2773 0.2541 - 0.8065 

50 a 51 1.7162 0.6078 0.6735 0.2171 1.8999 

60 a 61 2.2949 0.6993 0.9337 - 2.4713 

 

Table 5.13 – Damping ratio æ (%) – first cycle 

 
Damping ratio � (%) 

cycle (s) CUT_Dr70_p300 CUT_Dr70_p200 CUT_Dr70_p100 CUT_Dr60_p100 CUT_Dr80_p300 

0 a 1 1.9 4.7 8.6 8.8 1.8 

10 a 11 7.9 12.6 14.7 14.9 9.9 

20 a 21 18.5 21.8 21.0 16.5 18.4 

30 a 31 19.4 21.1 14.8 11.4 18.9 

40 a 41 17.6 15.2 15.3 10.2 16.5 

50 a 51 15.3 11.8 11.8 7.2 15.3 

60 a 61 14.6 8.4 11.1 - 15.1 

 

 

Figure 5.19 – Damping ratio æ (%) (first cycle) versus áà� (dashed line after initial liquefaction) 

 



113 
 

In what concerns the excess pore pressure amplitude, for each imposed shear strain level, it 

increases considerably until initial liquefaction is attained, except for ��� of 0.01, where there 

is a decrease that might be explained by a reduction in sand softening when comparing with 

the previous step, due to proximity of liquefaction (Table 5.14 and Figure 5.20). Then, it is 

relatively constant. In Figure 5.20 it is also possible to observe that tests CUT_Dr80_p300 and 

CUT_Dr70_p300, with higher confining pressures, reach a much higher excess pore pressure 

amplitude, when compared with tests CUT_Dr70_p200 and CUT_Dr70_p100, with lower 

confining pressures. 

While the maximum excess pore pressure amplitude before initial liquefaction is essentially 

between the beginning and the end of the 10 cycles in each shear strain level, due to sand 

softening and consequent pore pressure build-up, the maximum excess pore pressure 

amplitude after initial liquefaction, on the other hand, happens usually at the first cycle (Figure 

5.14 and Figure 5.16). This may happen because more dilation tendency exists initially, pore 

pressure changing accordingly. Then, after the soil liquefies and particles loose contact (the 

soil becomes looser), the particles rearrange and a smaller pore pressure variation is needed to 

attain the same imposed strain. Thus, the excess pore pressure amplitude reduces until the 

last cycle, though the maximum excess pore pressure keeps increasing, as the contractive 

behaviour tendency after dilatancy tendency is only limited by liquefaction. 

 
Table 5.14 – Maximum excess pore pressure UU amplitude (kPa) in each shear strain level 

 
Maximum excess �� amplitude (kPa) 

cycle (s) CUT_Dr70_p300 CUT_Dr70_p200 CUT_Dr70_p100 CUT_Dr60_p100 CUT_Dr80_p300 

0 a 10 6.6 11.4 9.1 17.2 14.2 

10 a 20 36.5 43.3 13.8 20.3 38.9 

20 a 30 77.3 51.5 40.8 46.4 90.1 

30 a 40 86.7 52.1 43.1 30.1 104.4 

40 a 50 80.7 42.6 33.8 - 89.6 

50 a 60 104.3 51.8 56.2 25.1 111.5 

60 a 70 94.0 51.4 53.0 - 97.1 

 

 

Figure 5.20 – Maximum excess pore pressure UU amplitude in each shear strain level (kPa) versus áà� (dashed 

line after initial liquefaction) 
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The average value of � is also an interesting parameter to consider during the pre-liquefaction 

phase, as � decreases from the confining pressure value to virtually zero before initial 

liquefaction, as shown in Table 5.15 for all the tests. The values of � are initially lower than 

expected, and do not correspond exactly to the respective confining pressure, because due to 

the already mentioned residual compression at the top of the specimen there is also an initial 

excess pore pressure.  

 

Table 5.15 – Average U (kPa) – pre-liquefaction phase 

 
Average � (kPa) 

cycle (s) CUT_Dr70_p300 CUT_Dr70_p200 CUT_Dr70_p100 CUT_Dr60_p100 CUT_Dr80_p300 

0 a 10 232.9 156.6 87.6 82.4 266.4 

10 a 20 213.0 131.5 76.7 65.7 242.9 

20 a 30 158.4 85.7 52.0 36.0 180.1 

30 a 40 89.1 41.0 22.3 7.7 97.8 

40 a 50 42.4 14.7 6.9 - 43.3 

50 a 60 22.1 - - - 21.6 

60 a 70 - - - - - 

 

Finally, in Table 5.16, the equivalent shear modulus  � is calculated for the first cycle, for each 

imposed shear strain level. A clear reduction is seen from the beginning of the test until its 

end. In fact, the equivalent shear modulus for the final shear strain level is more than an order 

of magnitude inferior to the initial equivalent shear modulus (Figure 5.21). This is related to 

the fact that, as explained before, hysteresis loops’ are initially almost vertical and then, after 

initial liquefaction, they tend to the horizontal. It is also possible to observe that the equivalent 

shear modulus for tests CUT_Dr80_p300 and CUT_Dr70_p300 is around twice the equivalent 

shear modulus for tests CUT_Dr70_p100, CUT_Dr60_p100 and slightly less for test 

CUT_Dr70_p200, showing the relevance of the confining pressure in the value of the 

equivalent shear modulus. The results for the last cycle are similar. 

 

Table 5.16 – Equivalent shear modulus gâ (kPa) – first cycle 

 
Equivalent shear modulus  �  (kPa) 

cycle (s) CUT_Dr70_p300 CUT_Dr70_p200 CUT_Dr70_p100 CUT_Dr60_p100 CUT_Dr80_p300 

0 a 1 53922 37183 25225 26010 52532 

10 a 11 43818 23727 16636 15808 37705 

20 a 21 19560 10444 8343 8490 19916 

30 a 31 10926 5460 5194 3176 11717 

40 a 41 6491 2805 2631 - 7647 

50 a 51 4452 1926 2270 1028 4826 

60 a 61 2740 1310 1471 - 2803 
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5.5.5. Final comments 

In conclusion, time until initial liquefaction increased with relative density and confining 

pressure, though this increase may be limited for higher �1. This is related as well with ��/����� ratio, as it indicates likewise that liquefaction will happen later for the tests with 

higher �1 and confining pressures. 

 

Figure 5.21 – Equivalent shear modulus gâ (kPa) (first cycle) versus áà� (dashed line after initial liquefaction) 

 

Concerning the shear stress semi-amplitude difference between the first and last cycle, after 

an initial almost elastic behaviour, softening increased with increasing deformation and the 

same deformation was attained with a lower shear stress for the last cycle, increasing the 

shear stress semi-amplitude difference between first and last cycle.  

The damping ratio increased until a peak value, and then, just before initial liquefaction, 

generally decreased till the end of the test, due to a more pronounced reduction of shear 

stress between the soil particles as � approaches 0, although the concept of equivalent viscous 

damping is not valid with large inelastic deformations. Moreover, as for the shear stress 

amplitude, the damping ratio depended initially almost exclusively on the confining pressure. 

Regarding the excess pore pressure amplitude, while the maximum excess pore pressure 

amplitude before initial liquefaction was due to sand softening and consequent pore pressure 

build-up, the maximum excess pore pressure amplitude after initial liquefaction, on the other 

hand, happened usually at the first cycle. This was also related with the shear stress behaviour 

above described, as more dilation tendency existed initially and, then, after the soil liquefied 

and particles lost contact (the soil became looser), a smaller pore pressure variation was 

needed to attain the same imposed strain. Thus, the excess pore pressure amplitude reduced 

until the last cycle, similarly to the semi-amplitude shear stress. 

Finally, equivalent shear modulus also reduced between first and last cycle, particularly for 

high shear strain. Moreover, there was also an equivalent shear modulus reduction of more 

than an order of magnitude from the beginning of the test until its end, related with the 

hysteresis loops tending to the horizontal after initial liquefaction, and also with the initial 

increase of the damping ratio. 
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Several reference curves, which were fitted to a considerable amount of laboratory tests, 

could have been presented here to compare with the values obtained in the CUTTs, namely 

excess pore pressure ratio versus time and shear modulus and damping ratio versus shear 

strain. Most of these curves, concerning dynamic behaviour of the soil, were based on tests 

with material that either does not liquefy or did not reach liquefaction and they might lose 

their significance for shear strains near liquefaction. Still, and to validate the results obtained 

in these CUTTs, the upper and lower limit curves proposed by Santos (1999) for the shear 

modulus versus shear strain, which were based on a vast selection of results from different 

types of cyclic and monotonic tests on various types of soil, are shown in Figure 5.22. This 

figure presents the ratio of the cyclic shear modulus over the initial elastic shear modulus  �/ ! versus the normalized shear strain �∗ = �/�( �/ ! = 0.7) for an average  � in each 

shear strain level. The value of  ! was obtained using expression 6.17 (see chapter 6) and the 

value of  ) in Table 6.8, which was calculated using the MDTTs.  

The data obtained in the CUTTs can be reasonably well represented by these curves. In fact, 

the values of the CUTTs are mostly between the limit curves or over the lower limit curve for 

all tests for  �/ ! > 0.4. For  �/ ! < 0.4, CUT_Dr80_p300 and CUT_Dr70_p300 are still 

inside or over the lower limit curve. The distance between the remaining tests values’ and the 

lower limit curve might be explained to a certain degree by the uncertainty of the tests. 

Nevertheless, in the zone of higher shear strain, approaching liquefaction, the limit curves 

might lose their significance (for �∗ > 10). 

 

Figure 5.22 – gâ/gT versus á∗ 
 

Moreover, the curves proposed by Ishibashi and Zhang (1993) for the damping ratio versus 

shear strain, in sandy soils, are also shown in Figure 5.23. These curves are dependent on the 

confining pressure and, therefore, ����� of 100, 200 and 300 kPa were considered, 

correspondingly to the CUTTs. It is possible to conclude that the tendency observed in the 

CUTTs can be reasonably well represented by these curves, at least until initial liquefaction. 

After that, due to large inelastic deformations, the concept of equivalent viscous damping is no 

longer valid and the curves cannot be compared with the CUTTs. 
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Figure 5.23 – æ (%) versus áà�, including the curves by Ishibashi and Zhang (1993) 

 

5.6. Final remarks of advanced laboratory testing  

The Tagus River sand physical properties were determined, showing a siliceous, clean and 

poorly graded sand, classified as SP, with a relative density of around 70% up to a depth of 

20 m below the river bed.  

MDTTs were compared and analysed with the main goal of confirming the quality of the 

results for their subsequent use in determining the constitutive model parameters. Based on 

the analysis of curves (�� , �), (�� , �/�), (�� , ��) and (�, �) and on the calculation of the 

ratio	�/� in the critical state, consistency among all the tests was confirmed. 

As well, CUTTS had the main goal of determining the model parameters related with the cyclic 

behaviour of Tagus River sand. Nevertheless, from these tests it was concluded that time until 

initial liquefaction increased with relative density and confining pressure, though the increase 

might be limited for higher �1. Moreover, maximum excess pore pressure amplitude before 

initial liquefaction was due to sand softening and consequent pore pressure build-up, but 

maximum excess pore pressure amplitude after initial liquefaction usually happened at the 

first cycle, being related with an initial higher dilation tendency, before the soil liquefied and 

particles lost contact. The damping ratio increased until a peak value, and then, just before 

initial liquefaction, generally decreased till the end of the test. Finally, there was also an 

equivalent shear modulus reduction of more than an order of magnitude from the beginning 

of the test until its end.  
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6. Numerical modelling of the laboratory tests on Tagus River sand 

For the parameters that could not be obtained directly, the laboratory tests will be modelled 

by integrating the constitutive elastoplastic equations of the Manzari-Dafalias model, with the 

purpose of finding the parameters that give a better fit between the model and the laboratory 

test results. Previously, a parameter sensitivity analysis will be carried out in order to better 

understand the relevance of each model parameter in the response of the sand during MDTTs 

and CUTTs. 

 

6.1. Manzari-Dafalias constitutive model 

The Manzari-Dafalias model, already introduced in chapter 4, is herein presented in more 

detail, with a formulation in both triaxial and multiaxial stress space. It adopts the bounding 

surface and was built upon previous work by Manzari and Dafalias (1997), in which the two-

surface formulation of plasticity is coupled with the state parameter Ï. It was later extended 

to account for the effect of fabric changes during loading (Dafalias and Manzari, 2004). 

 

6.1.1. Formulation in triaxial stress space 

First of all, some relevant stress and strain variables are defined. Effective stresses and their 

increments are taken to be positive in compression. All stresses are effective stresses. Mean 

effective stress	� and volumetric strain	�� are then given by: 

� = 13 ��5 = 135<< (6.1) 

�� = ��� = �<<  (6.2) 

where ¡ is the effective stress tensor and � is the strain tensor. 

Deviatoric stress and strain tensors are defined as: 

� = ¡ − �m (6.3) 

T = � − ��3 m (6.4) 

where m = ×�ç denotes the identity tensor of rank two (× is the Kronecker delta). 

The deviatoric stress ratio tensor x is a useful variable defined as: 

x = �� (6.5) 

The following stress invariants will also be used in model definition: 

� = è32‖�‖ (6.6) 
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� = �� (6.7) 

� = 13 �Ó&ê9 ë27I,�	(�)2�J ì (6.8) 

in which � denotes the Lode angle. � = −30° represents triaxial compression and � = 30° 
represents triaxial extension. 

Considering principal effective stresses 59 and 5� = 5J, and corresponding principal strains �9 

and �� = �J, equations (6.1) to (6.4) can be redefined as: 

� = 13 (59 + 25J) (6.9) 

�� = �9 + 2�J (6.10) 

� = 59 − 5J (6.11) 

�8 = 23 (�9 − �J) (6.12) 

Moreover, incremental stress-strain relations are given by: 

�8! = �3 ! (6.13) 

��! = �p!  (6.14) 

�8N = �iN (6.15) 

��N = Ií�8Ní (6.16) 

where	�8! and �8N are the elastic and plastic parts of incremental deviatoric strain, ��! and ��N are the elastic and plastic parts of incremental volumetric strain, iN is the plastic 

hardening modulus and I is defined as dilatancy. Elastic shear modulus,  !, is given by: 

 ! =  ) (2.973 − ,))�1 + ,) ��. ë ���.ì
).G

 (6.17) 

with ��. the atmospheric pressure, ,) the initial void ratio and  ) a model parameter. Finally, 

elastic bulk modulus, p!, is given by: 

p! = 2 ! 1 + 73 − 67 (6.18) 

The critical state, for which soil deforms continuously in shear with no change in volume, can 

be defined by the critical state stress ratio ��/�� = v�,�, where v�,� is uniquely related to the 

friction angle ��. The power relation suggested in Li and Wang (1998) is used for the equation 

of the critical state line (CSL) in , − � space, ,� = ,�(��): 
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,� = ,N) − ��(��/��.)0 (6.19) 

with ,N) the void ratio at �� = 0, and �� and 	� constants. 

A measure of how far the material state (,, �) is from the critical state is introduced by 

comparing , with ,� at 	�, or � with �� at 	,. State parameter Ï = , − ,� is adopted as a 

measure of distance from critical state conditions. 

The yield surface (Figure 6.1) (reproduced again below, for readability purposes) is defined as: 

Y = |� − �| −+ = 0 (6.20) 

where � and + are stress ratio quantities. For � inside the shaded wedge only elastic strain is 

induced. When � is on the yield surface and increment of 	�, �, points “outward” from the 

edge, plasticity occurs. Then, the wedge changes orientation, �, and possibly size, +, in order 

to have � remaining on the yield surface Y = 0. If + is fixed, then � can be related with the 

plastic hardening modulus iN through � = 	iN�8N. 

 

Figure 6.1 – Yield, critical state (CSL), dilatancy (PTL) and bounding lines (BL) in p-q space (Dafalias and Manzari, 

2004) 

 

The plastic hardening modulus kU depends on the state parameter ; = 	v' ∓ � where v' is 

a peak or bounding stress ratio, which bounds � when it increases under both compression (-) 

or extension (+) loading. For the simplest case of linear dependence: 

iN = ℎ°v' ∓ �² (6.21) 

where positive ℎ is a function of the state variables, given by: 

ℎ = ;)|� − �<�| (6.22) 

Yield 
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;) =  )ℎ)(1 − $%,	) ë ���.ì
ê9/�

 (6.23) 

with scalar parameters ℎ) and $%. �<� is a cyclic parameter which assumes the value of � at 

initiation of a loading process in compression or the value of � at the point of reversal in 

extension. Thus, during loading with � > 0	one has iN = ℎ°v' − �², while for reverse 

loading with � < 0 it changes to iN = ℎ°v' + �². 

According to Rowe’s theory, dilatancy I becomes proportional to the difference of current 

stress ratio � from dilatancy stress ratio v:, which is also defined as the phase transformation 

line (PTL) (Ishihara et al., 1975): 

I = (:°v: − �² (6.24) 

Depending on � < v: , � > v: 	 or � = v: a contractant (I > 0), dilatant (I < 0) or zero 

volumetric rate (I = 0) response is obtained. A corresponding dilatancy stress ratio v: in 

extension can be defined, so that I = (:°v: + �² in a similar way to the bounding stress 

ratio v'. 

In order to model the increased pore-water pressure build-up and corresponding decrease of � 

upon reversal of stress increment �, following a dilative tendency response, I shall be 

increased, but only after dilative plastic volumetric strain occurs before stress reversal. As a 

matter of fact, the change of sand fabric upon shearing during the dilation phase of 

deformation enhances the contractive tendency upon reversal of shear direction. 

Let a fabric-dilatancy internal variable � be introduced that evolves according to: 

� = −$�〈−��N〉(����� + �) (6.25) 

where ���� and $� are model constants. ���� represents the maximum value that � can attain 

and $� controls the pace of evolution of � in equation (6.25). Parameter (: is given by: 

(: = ()(1 + 〈��〉) (6.26) 

where 〈�〉 = � if � > 0, 〈�〉 = 0 if � ≤ 0 and � = ±1 according to � = � ±+, respectively. So, 

before fabric-dilatancy is activated one has (: = (). 

Moreover, so that the constitutive relations are compatible with critical state soil mechanics 

requirements and can simulate softening of dense sands, an appropriate variation of v' and v: with the material state is also considered in Dafalias and Manzari (2004), such that when , = ,� and � = ��, then v' = v: = v�,�. Furthermore, for states denser than critical (, <,�), the condition v: < v�,� < v' must hold, and the reverse for states looser than critical. 

Along these lines, Li and Dafalias (2000) proposed the use of the following equations: 

v' = v�,�,��(−&'Ï) (6.27) 

v: = v�,�,��(&:Ï) (6.28) 

with &' and &: material constants and Ï = , − ,�. 
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6.1.2. Formulation in multiaxial stress space 

Incremental elastic stress-strain relations are given by: 

T! = �2 ! (6.29) 

��! = �p!  (6.30) 

with T! and � the deviatoric elastic strain and stress tensors, respectively. 

The yield surface describes geometrically a cone, as generalization of the wedge of triaxial 

space. The trace of the cone on the stress ratio x − # plane is a circular deviatoric yield 

surface, shown in Figure 6.2, with centre � and radius ó2/3+. It is defined as: 

Y = Ã(� − ��): (� − ��)Ä9/� −ó2/3�+ = 0 (6.31) 

with the deviatoric back-stress ratio tensor � generalizing � of triaxial space. 

 

Figure 6.2 – Yield, critical, dilatancy and bounding surfaces on the stress ratio x − õ plane (Dafalias and Manzari, 

2004) 

 

Bounding, dilatancy, and critical back-stress ratios �' =	v' −+, �: =	v: −+ and	�� =	v�,� −+ are introduced and � is used instead of � to measure distances. The surfaces in 

Figure 6.2 are then associated with back-stress ratio tensor �, instead of stress ratio tensor x, 

which simplifies the formulation of kinematic hardening. All other aspects explained with 

respect to v', v:, and v�,� in relation to � in Eqs. (6.21) to (6.28), remain and operate the 

same in terms of �',	�: and 	�� in association with �. 

The gradient of the yield surface at x is given by: 
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öYö¡ = [ − 13 ([: x)m; 							[ = x − �ó2/3+			 (6.32) 

An effective Lode angle � can then be defined: 

$ø�3� = √6��[J (6.33) 

� varies from 0 to #/3 as loading changes from triaxial compression to extension. In Figure 6.2, � is illustrated as the angle formed by a line parallel to the �9 axis with radius x − � of the yield 

surface. 

It is common to interpolate the value of a quantity � (which can be chosen to be v', v: and v�,� 	or equally �',	�: and 	��) for a given �, denoted by ��, between its values of �� and �! 

in triaxial compression and extension, respectively, according to: 

�� = d(�, $)��; 							d(�, $) = 2$(1 + $) − (1 − $)$ø�3�		; 						$ = �!�� 	 (6.34) 

If a line parallel to [ is drawn from the origin, it will intersect the three surfaces at image back-

stress ratio tensors ��' ,	��: and ��� , analytically defined by: 

��� = ó2/3���[;							��� = d(�, $)v�,�,��(±&�Ï) −+	 (6.35) 

where � = ;, $, I and ± corresponds to � = I and ;, respectively, and &� = 0. Equation (6.35) 

is a multiaxial generalization of equations (6.27) and (6.28). 

The increment of the plastic strain tensor is given by: 

�U = 〈t〉? (6.36) 

where t is the loading index (or plastic multiplier) and ? is the direction of �N and can be 

divided in its deviatoric (?′, defined along the normal to the critical surface at image point ��� ) 

and volumetric (determined in terms of a scalar quantity �, the counterpart of I in the 

multiaxial set) parts: 

? = ?ú + 13 		�m = >[ − B ë[� − 13 mì + 13 		�m	;	 
> = 1 + 321 − $$ d(�, $)$ø�3�s; 									B = 3è321 − $$ d(�, $) 

(6.37) 

Therefore 

TU = 〈t〉?′ (6.38) 

��N = 〈t〉� (6.39) 

The loading index t is defined in terms of stress increment ¡ and plastic modulus pN 

according to 
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t = 1pN öYö¡ : ¡ = 1pN �[:	x = 1pN Ã[:	� − [:	x�Ä
= 2 ![:	T − [:	x��p!pN + 2 !(> − B��[û) − p!�[:	x 

(6.40) 

Considering the elastic relations stated before, and T = TT + TU and �� = ��! + ��N, 

stress increment ¡ can be defined as: 

¡ = X!N: � = 2 !T + p!��m − 〈t〉 ü2 ! ý>[ − B ë[� − 13 mìþ + p!�m� (6.41) 

where X!N is the fourth-order elastoplastic tangent stiffness tensor. 

Lastly, pN and � need to be specified. pN is related with hardening aspects of the model, 

corresponding to the triaxial quantity iN. Using the definition of ��' , equation (6.35) and 

assuming + = 0, then 

� = 23 〈t〉ℎ°�à= − �² (6.42) 

where ℎ is the hardening coefficient and �à= −� is a distance between bounding and current 

back-stress ratio tensors. ℎ is defined generalizing equation (6.22): 

ℎ = ;)(� − ��[): [ (6.43) 

with ;) the same as in equation (6.23). ��[ is the initial value of � at initiation of a new loading 

process and is updated when the denominator of equation (6.43) becomes negative. 

Using the consistency condition Y = 0 and equations (6.31), (6.32), (6.40) and (6.42): 

pN = 23�ℎ°�à= − �²:[ (6.44) 

Equation (6.24) can also be generalized to 

� = (:°�à� − �²:[ (6.45) 

Finally, the concept of fabric-dilatancy will be generalised. The fabric-dilatancy tensor-valued 

variable �, which provides the macroscopic model with a directional property associated with 

dilatancy, is introduced: 

I� = −$�〈−I��N〉(����[ + �) (6.46) 

with (: given by: 

(: = ()(1 + 〈�: [〉) (6.47) 
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6.2. Parameter sensitivity analysis 

In this section, a sensitivity analysis was carried out in order to better understand the 

relevance of each model parameter, related to monotonic and cyclic behaviour, which did not 

have a straight physical meaning or could not be determined directly by laboratory tests. 

Numerical simulations of laboratory tests, MDTTs and CUTTs, were performed using an 

existing OpenSees constitutive driver (University of Berkeley), where the Manzari-Dafalias 

model governing equations had been implemented. 

An OpenSees model (University of Berkeley) was built, using a single 1x1x1 m3 SSPbrickUP 3D 

element with 8 nodes, to perform the sensitivity analysis. This element can be used in dynamic 

3D analysis of saturated porous media with a mixed displacement-pressure ({ − �) 

formulation, based upon the work of Biot as extended by Zienkiewicz and Shiomi (1984).  

In fact, the SSPbrickUP 3D element is based on the SSPquadUP, a low-order four-node 

quadrilateral and eight-node hexahedral element. It combines hourglass-stabilized single-point 

integration in the solid phase with non-residual based stabilization of the pressure field for 

enhanced stability in the incompressible-impermeable limit, resulting in a stable, accurate, and 

computationally efficient element, suitable for dynamic analysis of saturated soils in 2D and 3D 

(Mcgann, 2013). In this work, an update was made to the SSPquadUP element, by including 

optional normal tension for all the element faces, which allows, for instance, applying a 

constant distributed load due to water along a face of the element. 

The parameters selected for the sensitivity analysis were those that could not be obtained 

directly by laboratory tests (+, ℎ) and $%) as well as parameters that, though obtained directly 

through laboratory tests, did not have a straight physical meaning (&', () and &:).  ) was also 

considered due to its relevance in the response, particularly in the pre-liquefaction phase. For 

the former, the reference values were taken from published data and for the latter the 

reference values were obtained from the laboratory tests (Table 6.1). The intrinsic parameters, 

as those with physical meaning or related with the critical state, were not considered for the 

sensitivity analysis. 

A variation of ±20% of the reference value was defined for the selected parameters (except for 

parameter +, for which, according to several references, 0.015, 0.03 and 0.06 were chosen). 

This ±20% variation was believed adequate both for  ) due to physical reasons and for the 

remaining parameters to avoid instabilities and non-convergence of the model. 

 

6.2.1. Numerical simulation of monotonic drained triaxial tests 

For the numerical simulation of the MDTTs, specific boundary conditions for the SSPbrickUP 3D 

element had to be defined. At the base of the element two of the four nodes were free in each 

horizontal direction (� or �) and one was free in both horizontal directions. The top nodes 

were all free (Figure 6.3). During the consolidation phase, concentrated forces representing an 

all-around confining pressure ����� (100, 200 or 300 kPa) were applied at the free nodes, at 

the base and top of the element. For the shear phase of the triaxial test, a vertical 

displacement (along negative �) was applied at the four nodes of the top face of the element, 

until a vertical axial strain of approximately 20% was reached. 
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Table 6.1 – Reference values of the Manzari-Dafalias parameters for the sensitivity analysis 

Category Parameter Reference value 

Physical 
�:  16.21 kN/m

3
 ,) 0.634 

Elasticity 
gÅ 125 7 0.3 

Critical state 

v�,� 1.46 $ 0.67 ��  0.014 ,N) 0.78 � 1.15 

Yield surface ^ 0.015 

Plastic modulus 

�Å 7.05 â� 0.968 [= 3.5 

Dilatancy 
�Å 0.932 [� 1.5 

Fabric-dilatancy tensor 
����  4 $� 600 

 

 

Figure 6.3 – Boundary conditions for numerical simulation of monotonic drained triaxial tests 

 

In Table 6.2, results of the sensitivity analysis for each model parameter, considering a 200 kPa 

confining pressure, are summarized. Sensitivity analysis of the individual parameters points 

out that the model parameters which cause a greater variation of the response are: â� 

concerning peak shear strain �8, [= regarding peak shear stress ratio �, and, finally, �Å 

concerning peak dilatancy and volumetric strain at the critical state �Q. Similar conclusions may 

be drawn from the 100 and 300 kPa simulations. 
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Table 6.2 – Parameter sensitivity analysis of MDTT (Uâã[Z of 200 kPa) 

parameters � (peak) �8 (peak) dilatancy (peak) �Q (critical) 

Reference values 1.782 3.035% 0.411 -4.071%  ) = 100 1.783 3.608% 0.411 -4.051%  ) = 150 1.781 2.637% 0.411 -4.085% + = 0.03 1.782 3.023% 0.412 -4.072% + = 0.06 1.782 2.966% 0.411 -4.073% ℎ) = 5.50 1.774 3.586% 0.401 -4.069% ℎ) = 8.50 1.787 2.684% 0.417 -4.073% $% = 0.75 1.790 2.496% 0.422 -4.070% $% = 1.15 1.771 3.829% 0.400 -4.081% &' = 2.8 1.732 3.264% 0.372 -3.865% &' = 4.2 1.825 2.843% 0.446 -4.223% () = 0.75 1.788 3.173% 0.336 -3.667% () = 1.10 1.777 2.917% 0.479 -4.331% &: = 1.2 1.785 3.071% 0.391 -3.971% &: = 1.8 1.778 3.014% 0.429 -4.160% 

 

� versus �8 and the relation between volumetric strain �Q and shear strain �8 are plotted in 

Figure 6.4 to Figure 6.6 considering, respectively, the effect of varying parameters $%, &' and () in the response. In these figures, it is possible to observe the relevance: of $% in the 

variation of �8; of &' in the variation of � and also in the change in �Q at the critical state; and 

of () in the change in �Q at the critical state. Moreover, for higher confining pressures, the 

peak in the � versus �8 plot is less pronounced and the volumetric strain	�Q is smaller, as 

would be expected and similarly to the MDTTs performed in chapter 5. 

 

 

Figure 6.4 – Simulation results considering â� variation 
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Figure 6.5 – Simulation results considering [= variation 

 

 

 

Figure 6.6 – Simulation results considering �Å variation 
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Table 6.3 – Two related parameter sensitivity analysis of MDTT (Uâã[Z of 200 kPa) 

Parameters � (peak) �8 (peak) dilatancy (peak) �Q (critical) 

Reference values 1.782 3.035% 0.411 -4.071% () = 0.75 ; &: = 1.2 1.791 3.226% 0.322 -3.551% () = 0.75 ; &: = 1.8 1.785 3.149% 0.352 -3.773% () = 1.10 ; &: = 1.2 1.781 2.974% 0.349 -4.247% () = 1.10 ; &: = 1.8 1.773 2.907% 0.348 -4.403% $% = 0.75 ; ℎ) = 5.50 1.783 2.935% 0.412 -4.067% $% = 0.75 ; ℎ) = 8.50 1.794 2.207% 0.424 -4.072% $% = 1.15 ; ℎ) = 5.50 1.763 4.523% 0.361 -4.083% $% = 1.15 ; ℎ) = 8.50 1.777 3.372% 0.400 -4.080% 

 

Figure 6.7 presents the � versus �8 plot and the relation between volumetric strain �Q  and 

shear strain �8 considering the four cases of variation of $% and ℎ) described in Table 6.3. 

 

 

Figure 6.7 – Simulation results considering simultaneous variation of â� and �Å 
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Table 6.4 – Two most relevant parameter sensitivity analysis of MDTT (Uâã[Z of 200 kPa) 

Parameters � (peak) �8 (peak) dilatancy (peak) �Q (critical) 

Reference values 1.782 3.035% 0.411 -4.071% () = 0.75 / $% = 0.75 1.795 2.597% 0.343 -3.673% () = 0.75 / $% = 1.15 1.778 4.007% 0.327 -3.662% () = 1.10 / $% = 0.75 1.785 2.418% 0.277 -4.325% () = 1.10 / $% = 1.15 1.765 3.682% 0.327 -4.351% () = 0.75 / &' = 2.8 1.737 3.409% 0.305 -3.435% () = 0.75 / &' = 4.2 1.832 2.973% 0.362 -3.846% () = 1.10 / &' = 2.8 1.728 3.162% 0.366 -4.155% () = 1.10 / &' = 4.2 1.820 2.748% 0.361 -4.456% $% = 0.75 / &' = 2.8 1.739 2.673% 0.382 -3.871% $% = 0.75 / &' = 4.2 1.834 2.349% 0.456 -4.217% $% = 1.15 / &' = 2.8 1.723 4.150% 0.402 -3.862% $% = 1.15 / &' = 4.2 1.813 3.563% 0.437 -4.242% 

 

 

 

Figure 6.8 – Simulation results considering simultaneous variation of â� and �Å 
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6.2.2. Numerical simulation of cyclic undrained torsional tests 

In this case, the consolidation phase was modelled similarly to the triaxial tests described in 

the previous section. Then, in order to simulate the shear phase of the cyclic undrained 

torsional test, pore pressure was set free at all the nodes of the element. Top nodes were fixed 

in the � horizontal direction. Displacements were applied at the four top nodes in the � 

horizontal direction, according to a cyclic sine function, with a frequency of 1 Hz and which 

amplitude increased progressively up to ±3x10-2 m (±1x10-4, ±5x10-4, ±1x10-3, ±3x10-3, ±6x10-3, 

±1x10-2, ±2x10-2 and ±3x10-2 m), corresponding to the cyclic rotation amplitude of chapter 4, 

0 0.05 0.1 0.15 0.2 0.25 0.3
0

0.5

1

1.5

2

Shear strain δεs

q/
p

 

 

avg

-20%/-20%

-20%/+20%
+20%/-20%

+20%/+20%

0 0.05 0.1 0.15 0.2 0.25 0.3
-0.06

-0.04

-0.02

0

0.02
V s

Shear strain δεs

V
ol

um
et

ric
 s

tr
ai

n 
δε

V

 

 avg

-20%/-20%

-20%/+20%
+20%/-20%

+20%/+20%



132 
 

except that here there is an extra initial level of shear strain (±1x10-4). This very small shear 

strain level was also applied in the laboratory tests, but was not presented in chapter 5 as the 

rotation could not be measured with enough precision. Thus, while here the shear phase is 

shown in its entirety, during 80 s, in chapter 5 only the last 70 s are represented. 

Sensitivity analysis in the pre-liquefaction phase was performed for three different confining 

pressures: 100, 200 and 300 kPa. 

Table 6.5, Table 6.6 and Table 6.7 show the variation of some relevant outputs, namely, 

damping ratio �, shear modulus, shear stress amplitude, average shear stress, shear strain 

amplitude and average �, with model parameters  ), +, ℎ), $%, &', () and &:, for three 

different cycles and for a confining pressure of 200 kPa. The cycles were chosen based on a 

limit value of the �/����� ratio, which indirectly limited the shear strain level. Cycle 1 

corresponds to a small applied shear strain level (last cycle with �/����� < 0.075 – applied 

shear strain level of ±0.001), cycle 2 to an intermediate applied shear strain level (last cycle 

with �/����� < 0.10 – applied shear strain level of ±0.003) and cycle 3 to a high applied shear 

strain level (last cycle with �/����� < 0.15 – applied shear strain level of ±0.006), closer to 

initial liquefaction. The applied shear strain level can be different from the shear strain 

amplitude of the cycle, due to the influence of the numerical single-point integration 

implemented for the SSPbrickUP 3D finite element. 

 
Table 6.5 – Sensitivity analysis of CUTT in the pre-liquefaction phase – cycle 1 (Uâã[Z of 200 kPa) 

 
� (%) 

Shear 

modulus 

(kPa) 

Shear stress 

amplitude 

(kPa) 

Average 

shear stress 

(kPa) 

Shear strain 

amplitude 

(%) 

Average � 

(kPa) 

Reference values 1.0 52814 9.1 1.2 0.0173 179.6 

Pre-liquefaction 

parameters - 

Cycle 1 

variation 

(%) 

variation 

(%) 

variation   

(%) 

variation  

(%) 

variation   

(%) 

variation   

(%) 

 ) = 100 -22.07 -17.28 -15.11 1.41 2.31 3.41  ) = 150 30.98 15.23 15.00 -1.82 -0.58 -4.13 + = 0.03 -20.36 7.81 0.22 3.31 -7.51 7.39 + = 0.06 -99.94 13.35 0.33 4.88 -11.56 11.09 ℎ) = 5.50 30.98 -2.06 -0.05 -0.50 1.73 -1.35 ℎ) = 8.50 -17.24 1.02 0.03 0.25 -1.16 0.64 $% = 0.75 -25.80 3.53 0.10 1.41 -3.47 2.99 $% = 1.15 41.66 -5.74 -0.16 -2.32 5.78 -4.95 &' = 2.8 9.38 -1.28 -0.03 -0.50 1.16 -1.08 &' = 4.2 -8.49 1.16 0.03 0.50 -1.16 0.97 () = 0.75 -2.07 1.29 0.03 0.08 -1.16 2.27 () = 1.10 2.09 -1.23 -0.02 -0.08 1.16 -2.15 &: = 1.2 0.44 -0.26 0.00 0.00 0.00 -0.46 &: = 1.8 -0.40 0.25 0.01 0.00 -0.58 0.44 
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Table 6.6 – Sensitivity analysis of CUTT in the pre-liquefaction phase – cycle 2 (Uâã[Z of 200 kPa) 

 
� (%) 

Shear 

modulus 

(kPa) 

Shear stress 

amplitude 

(kPa) 

Average 

shear stress 

(kPa) 

Shear strain 

amplitude 

(%) 

Average � 

(kPa) 

Reference values 3.1 36306 15.6 1.0 0.0429 115.3 

Pre-liquefaction 

parameters – 

Cycle 2 

variation 

(%) 

variation 

(%) 

variation   

(%) 

variation   

(%) 

variation    

(%) 

variation 

(%) 

 ) = 100 -37.35 -0.19 -16.82 14.51 -16.78 29.02  ) = 150 (-) (-) (-) (-) (-) (-) + = 0.03 -25.79 29.77 0.97 17.31 -22.14 35.79 + = 0.06 -73.79 57.49 1.54 28.91 -35.66 66.13 ℎ) = 5.50 36.25 -21.29 -1.29 -15.54 25.41 -23.18 ℎ) = 8.50 -21.08 11.13 0.31 6.32 -9.79 10.82 $% = 0.75 -36.89 21.67 0.30 11.61 -17.72 22.65 $% = 1.15 (-) (-) (-) (-) (-) (-) &' = 2.8 18.95 -9.21 -0.51 -4.15 9.56 -9.53 &' = 4.2 -13.53 7.57 0.24 4.87 -6.76 8.09 () = 0.75 -12.65 12.46 0.03 4.77 -11.19 17.70 () = 1.10 17.59 -15.38 -0.94 -6.63 17.02 -19.97 &: = 1.2 2.41 -2.52 -0.86 -0.93 1.63 -4.52 &: = 1.8 -2.43 2.82 -0.35 1.55 -3.03 3.81 

 

Table 6.7 – Sensitivity analysis of CUTT in the pre-liquefaction phase – cycle 3 (Uâã[Z of 200 kPa) 

 
� (%) 

Shear 

modulus 

(kPa) 

Shear stress 

amplitude 

(kPa) 

Average 

shear stress 

(kPa) 

Shear strain 

amplitude 

(%) 

Average � 

(kPa) 

Reference values 7.4 12458 22.5 0.2 0.1804 48.7 

Pre-liquefaction 

parameters -  

Cycle 3 

variation 

(%) 

variation 

(%) 

variation   

(%) 

variation   

(%) 

variation   

(%) 

variation 

(%) 

 ) = 100 0.61 -25.76 -19.16 -12.30 8.87 -18.22  ) = 150 8.67 51.06 -22.31 245.99 -48.56 -5.50 + = 0.03 13.92 48.20 4.50 282.35 -29.49 13.75 + = 0.06 98.87 18.74 95.26 683.42 64.41 42.37 ℎ) = 5.50 17.77 22.70 3.01 415.51 -16.08 15.43 ℎ) = 8.50 -0.91 36.25 2.93 102.67 -24.45 3.06 $% = 0.75 12.75 31.59 3.74 247.06 -21.18 -12.16 $% = 1.15 9.63 24.85 -33.89 219.25 -47.06 -1.60 &' = 2.8 19.13 41.91 3.31 235.29 -27.22 27.34 &' = 4.2 14.09 41.14 4.06 271.12 -26.27 4.90 () = 0.75 17.96 -10.47 -1.31 -123.53 10.20 -13.31 () = 1.10 9.21 44.59 4.30 345.99 -27.88 25.34 &: = 1.2 33.99 32.99 3.98 325.67 -21.84 13.95 &: = 1.8 3.35 36.07 2.96 140.64 -24.33 14.74 
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The reference values indicated in Table 6.5 to Table 6.7 were obtained with the initial set of 

model parameters (Table 6.1). It is important to refer that parameters $� and ���� are not 

considered here because they do not affect pre-liquefaction response, having only influence 

on liquefaction response. The highlighted cells output’s means variation in relation to the 

reference values was over 10%. 

It can be observed that in cycle 1 a variation of  ), +, ℎ) and $% causes significant variation of 

damping ratio 	ξ, being $% the most relevant parameter. Variation of  ) is also important 

regarding shear modulus and shear stress amplitude.  

Concerning cycle 2, all model parameters but &: influence the response, except for shear 

stress amplitude, which is only influenced by  ), and average shear stress, that is mainly 

influenced by  ), +, ℎ) and $%. These four parameters are also those which have a greater 

influence on the response.  

Finally, for cycle 3 all model parameters have influence on the response, except for shear 

stress amplitude which is only influenced by  ) and $%. Near liquefaction (cycle 3), for the 

same parameter variation, changes in the response are generally higher than at small strain 

range (cycle 1).  

Thus, from the global analysis of these tables, it can be concluded that the most relevant 

parameters for pre-liquefaction cyclic response are gÅ, ^, �Å and â�, as they clearly produce 

large variation in the model response. 

Comparing the tables qualitatively with the results obtained in chapter 5, it is possible to 

observe the same tendency in damping ratio increase with each cycle, before initial 

liquefaction. The shear modulus also has a considerable decrease from cycle 1 to cycle 3 and 

average � decreases from the confining pressure value to virtually zero before initial 

liquefaction, as can also be observed in Figure 6.9 a) to Figure 6.12 a). In b) it is interesting to 

observe that the main increase in pore pressure ratio occurs between 30 and 50 s (shear strain 

level of ±0.003 to ±0.006), in correspondence with the test results of chapter 5. 

In Figure 6.9 to Figure 6.12, the normalized stress path �/����� versus �/����� for the pre-

liquefaction phase, the pore pressure ratio change during the shear phase and the shear 

stress-shear strain relation ��� versus ��� for the 3 above described cycles, are presented for a 

confining pressure of 200 kPa, considering, respectively, the effect of changing parameters  ), +, ℎ) and $% in the response.  
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a) 

 

b) 

c) 

 Figure 6.9 – Pre-liquefaction phase considering variation of gÅ: a) }/Uâã[Z versus U/Uâã[Z paths; b) pore 

pressure ratio time history (shear phase); c) ßÑ� (kPa) versus �Ñ� paths 
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a) 

 

b) 

c) 

 Figure 6.10 – Pre-liquefaction phase considering variation of ^: a) }/Uâã[Z versus U/Uâã[Z paths; b) pore 

pressure ratio time history (shear phase); c) ßÑ� (kPa) versus �Ñ� paths 
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a) 

 

b) 

c) 

 Figure 6.11 – Pre-liquefaction phase considering variation of �Å: a) }/Uâã[Z versus U/Uâã[Z paths; b) pore 

pressure ratio time history (shear phase); c) ßÑ� (kPa) versus �Ñ� paths 
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a) 

 

b) 

c) 

 Figure 6.12 – Pre-liquefaction phase considering variation of â�: a) }/Uâã[Z versus U/Uâã[Z paths; b) pore 

pressure ratio time history (shear phase); c) ßÑ� (kPa) versus �Ñ� paths 
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The last sensitivity analysis was focused on the liquefaction phase, considering the same three 

different confining pressures: 100, 200 and 300 kPa. Initial liquefaction occurred at an applied 

shear strain level of ±0.006 for the confining pressure of 100 kPa, of ±0.01 for 200 kPa and of 

±0.02 for 300 kPa, similarly to the laboratory tests presented in chapter 5 (see Table 5.8). 

In Figure 6.13 and Figure 6.14, the shear stress-shear strain relation ��� versus ��� for a chosen 

cycle in the liquefaction phase (corresponding to an applied shear strain level of ±0.02), the 

pore pressure ratio, shear stress and shear strain time history at the beginning of the 

liquefaction phase and the normalized stress path �/����� versus �/����� for 3 cycles in the 

liquefaction phase (corresponding to different applied shear strain levels, respectively ±0.01, 

±0.02 and ±0.03) are presented for a confining pressure of 200 kPa, considering the influence 

of varying, respectively, $� and ���� in the response. 
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c) 

 Figure 6.13 – Liquefaction phase considering variation of â�: a) ßÑ� (kPa) versus �Ñ� paths; b) pore pressure ratio, 

shear stress (kPa) and shear strain time history; c) }/Uâã[Z versus U/Uâã[Z paths 
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c) 

 Figure 6.14 – Liquefaction phase considering variation of �^ÐÑ: a) ßÑ� (kPa= versus �Ñ� paths; b) pore pressure 

ratio, shear stress (kPa) and shear strain time history; c) }/Uâã[Z versus U/Uâã[Z paths 
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corresponding to progressively higher shear strains (approaching liquefaction), the most 

relevant parameters for pre-liquefaction cyclic response were: 

• gÅ in damping ratio, shear modulus and shear stress amplitude for cycle 1 and in all 

relevant outputs for cycles 2 and 3; 

• ^ in damping ratio for cycle 1 and in all relevant outputs for cycles 2 and 3, except for 

shear stress amplitude; 

• �Å in damping ratio for cycle 1 and in all relevant outputs for cycles 2 and 3, except for 

shear stress amplitude; 

• â� in damping ratio for cycle 1 and in all relevant outputs for cycles 2 and 3, except for 

shear stress amplitude in cycle 2. 

As to the liquefaction phase, it was not yet possible to determine the relative importance of 

parameters $� and ���� in the cyclic response. 

 

6.3. Calibration of the Manzari-Dafalias model parameters for the Tagus River 

sand 

The identification of the Manzari-Dafalias model parameters to simulate the monotonic and 

cyclic response of Tagus River sand, observed in the advanced laboratory testing in chapter 5, 

is herein presented. While the model can be effective and has been shown to produce good 

results, calibration of a large number of model parameters can be cumbersome. Therefore, the 

calibration framework for the Manzari-Dafalias model [Manzari and Dafalias (1997), Dafalias 

and Manzari (2004)] combines the results of laboratory tests with numerical sensitivity studies.  

The model parameters and respective reference values, which correspond to published data in 

several references about the Manzari-Dafalias model [Cheng et al. (2013), Dafalias and 

Manzari (2004), Papadimitriou et al (2001), University of Berkeley], as well as the tests 

commonly used to determine the parameters, are summarized in Table 6.8. Many of the 

model parameters, specifically those related to monotonic behaviour, were calibrated directly 

from monotonic drained triaxial tests (MDTT), as will be explained next. It’s also important to 

refer that the CUTTs shown in chapter 5 were executed specifically with the main goal of 

calibrating parameters ���� and $�. Therefore, to avoid an insurmountable number of tests 

and reduce their duration, it was decided that these tests would be made with strain 

amplitude levels with a limited number of cycles (10), strain increasing progressively until 

liquefaction, instead of the usual test with constant strain amplitude and the necessary 

number of cycles to attain liquefaction. Therefore, liquefaction occurred earlier than in the 

usual tests. 

 

6.3.1. Parameters directly obtained from triaxial testing 

The values of �: and ,), equal to 16.21 kN/m3 and 0.634, respectively, were obtained from 

physical testing, considering a �1 of 71.3% for the Tagus River sand. 
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Table 6.8 – Manzari-Dafalias model parameters, reference values and published data: [1] - Cheng et al. (2013), [2] 

- Dafalias and Manzari (2004), [3] - Papadimitriou et al (2001), [4] - University of Berkeley 

Category Parameter Reference value Test 

Physical 
�:  - Physical testing ,) - Physical testing 

Elasticity 
 ) 125 [4] RCT (small strain measurements), MDTT 7 0.2 to 0.4 in [3] MDTT,	7 = p0/(1 + p0	), p0 = 1 − �Ó&�Y 

Critical state 

v�,� 1.20 to 1.32 in [3] MDTT $ - MDTT (using v�,� and v�,!) ��  0.01 to 0.03 in [3] MDTT that approach critical state ,N) 0.72 to 0.90 in [3] 
Void ratio at �� = 1n|�. MDTT that 

approach critical state � 0.7 for most sands [1] MDTT that approach critical state 

Yield 
surface 

+ 
0.015 [4] (0.02-0.05 in 

[1] and 0.06-0.07 in [3]) 
Fitting (MDTT) 

Plastic 
modulus 

ℎ) 7.05 [4] Fitting (MDTT) $% 0.968 [4] Fitting (MDTT) 

&' 1.1 in [2] 
&' = ln	( qq	)/Ï'	, where Ï' and v' are 

the values of Ï and � at a drained peak 
stress ratio state 

Dilatancy 

() 0.704 in [2] 

MDTT – good quality stress dilatancy data – 
volumetric strain versus deviatoric strain in 
a constant � drained triaxial test (before � is 

activated () = (:) 

&:  3.5 in [2] 
&: = ln	( qq
)/Ï:	, where Ï: and v:  are 

the values of Ï and � at a phase 
transformation state 

Fabric-
dilatancy 

tensor 

����  
4 [4] (4-5 for most sands 

in [1]) 
Fitting (CUTT) – � must exceed v:  so that 

the evolution of � is activated 

$� 600 [4] 
Fitting (CUTT) - � must exceed v:  so that 

the evolution of � is activated 

MDTT - monotonic drained triaxial test; RCT - resonant column test; CUTT - cyclic undrained torsional 

test. 

 

The shear modulus parameter  ) was calculated for specimens MDT_Dr70_p300, 

MDT_Dr70_p200 and MDT_Dr70_p100 (see chapter 5) using (6.17) and expressions  ! = 6/2(1 + �), 6 = �5/���, where Δ5 is the difference between the maximum and 

minimum stress considered and Δ�� is the difference between the axial strains for which the 

modulus of elasticity is calculated. The average value obtained from the monotonic drained 

triaxial testing for  ) was coherent with the one published in reference [4], 125. 

The Poisson’s ratio was also calculated for specimens MDT_Dr70_p300, MDT_Dr70_p200 and 

MDT_Dr70_p100 (see chapter 5) using expression 7 = −Δ�./Δ��, where Δ�. is the difference 

between the transversal strains for which the Poisson’s ratio is calculated. The obtained 

average value was equal to 0.3.  

The Poisson’ ratio value was confirmed by using a second method, which involved theory of 

elasticity through equation 7 = p)/(1 + p)	), as well as Jaky’s equation, p) = 5%/5� 	= 1 −
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�Ó&��. The first equation results from confined (no lateral displacement) compression of an 

elastic solid under level ground conditions with vertical effective stress as maximum principal 

stress. The second equation was deduced for normally consolidated soils. In spite of that, as 

was seen in chapter 5, no sand anisotropy was considered in the consolidation phase of the 

laboratory tests, for simplicity reasons.  

According to Jefferies and Been (2006), Jaky’s equation has some issues. First, if a sample is 

vibrated it becomes denser and consequently has a greater friction angle. Using Jaky’s 

equation, this would give a lower horizontal stress than a looser sample, but in reality 

horizontal stress increases with vibration. Moreover, at least for the level ground case, p) 

should be a function of soil stiffness and other small strain constitutive parameters. On the 

other hand, equation 7 = p)/(1 + p)	), with p) given by Jaky’s equation, might be a 

reasonable approximation in laboratory experiments with reconstituted samples, which is this 

thesis case. This is true because the tests started from zero initial stress and so geologic 

processes, like many thousands of cycles of low level cyclic stress, creep, and ageing, are not 

present. So, using this method with �� = 36° a similar value of the Poisson’s ratio to the one 

using the MDTTs was obtained, thus confirming the latter. 

The critical state parameter v�,� was determined at the point where the volume variation 

signal changes, using linear regression over �� for specimens MDT_Dr70_p300, 

MDT_Dr70_p200 and MDT_Dr70_p100 (see chapter 5) with different confining pressures (100, 

200 and 300 kPa) and �1 = 70%. It was calculated, using its unique relation to the friction 

angle ��, by: 

v�,� = 6�Ó&��3 − �Ó&�� (6.48) 

The obtained value of v�,� was 1.46. Parameter $, which allows defining the critical state line 

in extension, is simply given by: 

$ = v�,!v�,� = 3 − �Ó&��3 + �Ó&�� (6.49) 

A value of 0.67 was obtained for $. Parameters ,N), �� and 	� were determined using equation 

(6.19) and linear regression in space ,� − (��/��.)0 (Figure 6.15), with ,� = �� �8⁄  (�� – void 

volume and �8 – dry soil volume), �� calculated at the critical state and ��. = 101.325	n|�. 

Once again, the three same specimens MDT_Dr70_p300, MDT_Dr70_p200 and 

MDT_Dr70_p100 were considered. ,N), �� and 	� were equal to 0.78, 0.014 and 1.15. 

Parameters &' and &: were both determined making an average of the values obtained for 3 

different confining pressures (100, 200 and 300 kPa) – specimens MDT_Dr70_p300, 

MDT_Dr70_p200 and MDT_Dr70_p100 - and using equations (6.27) and (6.28), respectively. 

Where v' =	�N!�O (peak state) and ,' = ,N!�O; v: =	�∆QR) (state where the volumetric 

change is zero) and ,: = ,∆QR). A value of 3.5 was obtained for &' and of 1.5 for &: . 
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Figure 6.15 – CSL in space	Tâ − (Uâ/UÐ�)æ 

 

Finally, before fabric-dilatancy is activated one has (: = (). Thus, to determine parameter (), 

a constant � test was made. Then, based on the test results, dilatancy I = −�Q/�8	 was 

determined, as well as the corresponding values of �. Lastly, using Eq. (6.24), a linear 

regression was made at the dilatancy zone, just before the peak, to obtain the value of (), 

equal to 0.932. 

The directly determined parameters of the Manzari-Dafalias model for the Tagus River sand 

are presented in Table 6.9. The values obtained for &' and &: are quite different from the 

reference values, which may have been swapped in Dafalias and Manzari (2004). 

 

Table 6.9 – Manzari-Dafalias model parameters and directly determined values in laboratory 

Category Parameter Directly determined value 

Physical 
�:  16.21 kN/m

3
 ,) 0.634 

Elasticity 
 ) 125 7 0.3 

Critical state 

v�,� 1.46 $ 0.67 ��  0.014 ,N) 0.78 � 1.15 

Yield surface + - 

Plastic modulus 

ℎ) - $% - &' 3.5 

Dilatancy 
() 0.932 &:  1.5 

Fabric-dilatancy tensor 
����  - $� - 
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6.3.2. Parameters obtained from curve fitting the model to the laboratory results 

The value of three parameters still had to be determined, two related with the plastic 

hardening modulus – ℎ) and $% – and one with the shape of the yield surface – +. This was 

done by fitting the numerical model to the results of the monotonic drained triaxial tests. From 

the sensitivity analysis, the most relevant of these parameters was $% and then ℎ). Due to its 

irrelevant influence on the response for the monotonic sensitivity analysis, the chosen value of + was the reference value in Table 6.8. 

Thus, parameter $% was fitted first, followed by ℎ). Small adjustments in &' and () were made 

as well. As a result, the chosen values for the parameters were: $% = 1.33, ℎ) = 6.05, &' = 4.50 and () = 1.25. These values allowed reproducing the test results for different 

confining pressures, as shown in Figure 6.16. 
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b) 

 

0 0.05 0.1 0.15 0.2 0.25
0

1

2

3

Axial strain δεa

q/
p

 

 

numerical model

laboratory test

0 0.05 0.1 0.15 0.2 0.25
-0.1

-0.05

0

0.05

0.1

Axial strain δεa

V
ol

um
et

ric
 s

tr
ai

n 
δε

V

 

 

numerical model

laboratory test

0 0.05 0.1 0.15 0.2 0.25
0

0.5

1

1.5

2

Axial strain δεa

q/
p

 

 

numerical model

laboratory test

0 0.05 0.1 0.15 0.2 0.25
-0.06

-0.04

-0.02

0

0.02
V a

Axial strain δεa

V
ol

um
et

ric
 s

tr
ai

n 
δε

V

 

 

numerical model

laboratory test

Deviatoric stress q VS Confinement stress p



147 
 

 

c) 

Figure 6.16 – Fitting MDTT – confining pressure: a) 100 kPa; b) 200 kPa; c) 300 kPa 

 

It is also important to refer that fitting was more difficult for the (�� , ��) plots, namely after �� exceeded 10%. However, as explained in chapter 5, for a 200 kPa confining pressure and 

from �� approximately 11%, the volumetric strain curve of the laboratory test is not correct, 

due to a possible blockage in the back volume system or malfunctioning of the back pressure 

controller. Thus, when fitting the numerical model to the laboratory test, this part of the curve 

was not considered. 

Moreover, the chosen set of parameters was the one that gave a better general match for all 

the considered confining pressures. Naturally, a more perfect fit could be obtained for each 

confining pressure individually, but it would lead to a loss of generality of the model 

parameters. 

 

6.4. Implementation of a new Manzari-Dafalias constitutive driver 

A new constitutive driver was implemented in MATLAB (The Mathworks, Inc.) to clarify some 

of the Manzari-Dafalias model problems, namely in the liquefaction phase, when using an 

OpenSees driver (University of Berkeley). It was validated against published results, using 

monotonic and cyclic triaxial tests. Therefore, results from monotonic triaxial tests, performed 

by Verdugo and Ishihara (1996) and presented in Dafalias and Manzari (2004), namely in 

undrained conditions, were used to validate the driver. The confining pressures varied 

between 100 and 3000 kPa and the relative densities from 18.5 to 63.7% (void ratio from 0.907 

to 0.735, respectively). Here the results for a relative density of 63.7% and a confining pressure 

of 100 kPa will be presented, as they are the most relevant for this thesis. In Figure 6.17, a 

zoom of the initial phase of loading in p− q space is shown, with the iterations in different 

colours, as well as the yield surface for each iteration. In Figure 6.18 the unloading phase is 

also revealed and, finally, in Figure 6.19 the change of q with axial strain �� is presented. The 

results are very similar to the ones obtained in Dafalias and Manzari (2004) (see Figure 4.9 in 
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chapter 4), validating the MATLAB driver (The Mathworks, Inc.) and the constitutive model for 

monotonic loading. 

 

Figure 6.17 – MATLAB driver: monotonic triaxial test, } (kPa) versus U (kPa), Uâã[Z of 100 kPa and äx of 63.7% 

 

 

Figure 6.18 – MATLAB driver (load-unload): monotonic triaxial test, } (kPa) versus U (kPa), Uâã[Z of 100 kPa and äx of 63.7% 

 

 

Figure 6.19 – MATLAB driver (load-unload): monotonic triaxial test, } (kPa) versus ×�Ð, Uâã[Z of 100 kPa and äx 

of 63.7% 
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Moreover, information from cyclic triaxial tests presented in the same paper was used to verify 

the pre-liquefaction and liquefaction behaviour of the constitutive driver. In Figure 6.20, the 

p− q stress path is shown, with the confining pressure reducing until almost zero. Then, after 

initial liquefaction, a stress path with a “hooked” shape is observed, as already seen in chapter 

5. In Figure 6.21 the change of q with axial strain �� is presented. Once more, the results are 

fairly similar to the ones of Dafalias and Manzari (2004) (see Figure 4.10 in chapter 4) (where �/2 is represented instead of �), except for the value of � in the first loading (second 

iteration), which is slightly above the value in Figure 4.10 simulation, and for the axial strain in 

the latter cycles, which is also faintly above the value in Figure 4.10. These small differences 

may be related with the algorithm used for limiting � during the cyclic test. 

 

Figure 6.20 – MATLAB driver: cyclic triaxial test, } (kPa) versus U (kPa), Uâã[Z of 294 kPa and TÅ of 0.808 

 

 

Figure 6.21 – MATLAB driver: cyclic triaxial test, } (kPa) versus ×�Ð, Uâã[Z of 294 kPa and TÅ of 0.808 

 

Based on these results, the MATLAB driver (The Mathworks, Inc.) and the constitutive model 
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not modelled correctly with the Manzari-Dafalias model. In fact, there is a faster decrease in � 

and increase in excess pore pressure than in reality. Thus, the model still requires an 

improvement before it can be used to perform a sensitivity analysis to parameters $� and ���� 

and to calibrate these parameters for the Tagus River sand, based on the results of the cyclic 

undrained torsional tests. 

 

6.5. Final remarks 

The extensive sensitivity study presented provided a deep insight into the relevance of each 

parameter on the Manzari-Dafalias model response. This insight was very useful in the 

identification of model parameters to simulate the Tagus River sand response with high degree 

of reliability, paving the way for future modelling of liquefaction mitigation measures for the 

Tagus River crossing case-study. 

From the sensitivity study, the most important parameters to consider in a sensitivity analysis, 

for monotonic loading, were â�, [=and �Å and in a joint sensitivity analysis â� and �Å, as well 

as â� and �Å. The most relevant parameters, for cyclic loading, before initial liquefaction, were gÅ, ^, �Å and â�. 

A MATLAB driver (The Mathworks, Inc.) was also implemented and validated against published 

results, with the goal of clarifying the Manzari-Dafalias model problems in the liquefaction 

phase. Apparently, the simple shear torsional path is not well modelled with the Manzari-

Dafalias model, leading to a faster decrease in � and increase in excess pore pressure than in 

reality. This anticipates the need for an improvement in the model, before parameters $� and ���� can be calibrated. 

As a final point, this chapter can also provide designers and modellers with an understanding 

of the effects of modelling parameters on model performance and contribute to stimulate the 

use of more complex constitutive models in design, which allow a better replication of 

liquefaction and its associated consequences. 
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7. Overview of liquefaction mitigation measures 

7.1. Introduction 

The two main approaches to reduce damage caused by soil liquefaction are prevention of its 

occurrence by ground improvement and/or reinforcement of structures’ foundations 

(Hamada, 2013). Actually, Yasuda (2005) classified liquefaction mitigation methods into two 

categories: ground treatment to prevent liquefaction, and strengthening structures to prevent 

or minimise damage or their collapse. 

In fact, according to Hausler and Sitar (2001), there has been a steady trend in the last decades 

towards the use of ground improvement as a countermeasure against liquefaction. It is well 

understood that sites with ground improvement suffer less ground deformation and 

subsidence than adjacent, unimproved areas. They summarized a collection of over 90 field 

case histories covering a wide range of improvement methods, as the first step towards a 

deeper understanding of the performance of improved soil sites during earthquakes. The 

collected data indicated that improved sites generally performed well. From these, about 10 

percent of the surveyed sites required significant post-earthquake remediation, repair or 

demolition, which resulted most often from excessive ground deformations due to severe 

lateral spreading or because of an insufficient remediation zone depth or lateral extent. 

Conventional soil improvement methods to reduce susceptibility of liquefaction include: 

densification of in-situ soils (e.g., vibro stone columns, deep dynamic compaction, vibro-

compaction, sand compaction piles, dynamic consolidation, blasting, injections of resins), 

providing shorter drainage path for faster excess pore water pressure dissipation (e.g., vertical 

gravel or prefabricated drains), reinforcing the soil to reduce seismic strains (e.g., vibro stone 

columns, in-situ soil mixing, biocementation, tire chips, jet grouting, compaction grouting, 

chemical grouting, passive site stabilization with colloidal silica grouting, injections of resins), 

inducing partial saturation (e.g., lowering of groundwater table, air injection, biogas), 

structural measures (e.g. deep foundations as piles) or removing and replacing the liquefiable 

soils with non-liquefiable soils (Mitchell, 2008). Nevertheless, for large soil areas with 

liquefiable deposits extending deep below the surface, like in this thesis case-study, soil 

replacement and inducing partial saturation are not an option. 

Densification has been the most popular mitigation measure among engineers until now, since 

it limits high excess pore water pressure development and sand deformation. Installing drains, 

primarily stone columns and gravel drains, which was the second most attractive mitigation 

measure to practitioners by the mid-1990s, lost its position to grouting methods, because 

drains were unable to efficiently reduce excess pore pressure for large design earthquakes. 

Conversely, grouting technologies advanced considerably from the mid-1990s to the mid-

2000s. These last measures develop cementation in sandy soils and prevent large shear strain. 

Hence, excess pore water pressure does not rise and deformation is avoided (Towhata, 2008). 

Mitchell (2008) summarized the soil gradation ranges for which different methods of soil 

improvement have been used for mitigation of liquefaction (Figure 7.1). Specific soil and site 

constraints may restrict applicability of each method considerably, so they may only be useful 

within a limited gradation range. Thus, information is given about the different methods 
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characteristics, effective depth of treatment, implementation, improvement level, and 

advantages and limitations. According to Mitchell (2008), the methods can be grouped into the 

following categories: a) drainage – gravel drains; b) void filling – penetration grouting; c) in-situ 

densification - deep dynamic compaction, explosive compaction, vibro-compaction and 

compaction grouting; d) in-situ densification with accompanying installation of drainage and 

reinforcing columns – vibro-replacement stone columns and compaction piles; e) in-situ 

columns and walls of cemented soil – cement deep soil mixing and jet grouting; and remove 

and replace, with or without admixtures. 

 

Figure 7.1 – Applicable soil gradation ranges for different methods of ground improvement (Mitchell, 2008) 

 

Mitchell (2008) then evaluated the suitability of different methods for improvement of 

liquefiable soils that contain more than about 10 to 20 percent fines. Dynamic densification 

methods – deep dynamic compaction, explosive compaction, vibro-compaction and 

compaction piles – that are ordinarily used to improve loose, clean cohesionless soils can also 

be used to attain the needed improvement in many soils if closely spaced vertical sand, gravel 

or prefabricated (wick) drains are installed prior to construction. Soil-cement columns or walls 

formed by deep soil mixing or jet grouting can be used to provide both reinforcement and 

containment of liquefied soil. 

 

7.2. Densification of in-situ soils 

Both vibro-compaction and vibro-replacement (vibro stone columns) belong to vibratory 

methods, performed by means of special deep electrical vibrators with a predominantly 
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cylindrical shape. This procedure is called vibro-compaction or vibro-flotation when it involves 

a compaction process without removing any material. On the other hand, when the soil is 

replaced by compacted gravel, the improvement process is denominated vibro-replacement or 

vibro stone columns. Moreover, in both cases, vibratory motions in the ground induce high 

lateral displacement and high level of vibratory energy during execution.  

Vibro-compaction is probably the oldest dynamic deep compaction method in existence. It 

was introduced and developed by the Johann Keller Company in 1936, which enabled 

compaction of non-cohesive soils to be performed with excellent results (Moseley and Kirsch, 

2004). The purpose of vibro-compaction is densification of the existing soil and its feasibility 

depends mainly on the grain size distribution of the soil.  

As a matter of fact, deep dynamic compaction and vibro-compaction are usually among the 

first methods to be considered for in-situ densification of cohesionless soils for mitigation of 

liquefaction risk. Actually, densification can be caused by an embedded vibratory device or 

tamping at the surface (Towhata, 2008). The original loose sand is made denser by pushing an 

extra volume of sand into the subsoil and associated vibration. Densification makes sand highly 

resistant against large deformation, even when high excess pore pressure develops. The 

amount of achievable improvement is greatest in clean sands (Mitchell, 2008).  

Sand compaction pile (SCP) is one of the measures of subsurface vibration (Towhata, 2008). It 

has two mechanisms of ground improvement. First, the generated sand pile is quite dense 

and, therefore, resists ground deformation. Second, the original sand deposit is compacted by 

vibration, its volume decreasing by the same amount as the volume of the installed sand piles. 

Accordingly, the original sand becomes more resistant against liquefaction. Moreover, due to 

the fact that the SCP machine pushes pressurized air into the ground, it reduces degree of 

saturation in the surrounding ground and may improve liquefaction resistance further. Finally, 

static cyclic loading can be employed in place of vibratory compaction, to reduce noise and 

ground vibration, namely near existing structures. The equipment and method of construction 

of SCPs are described in more detail in Towhata (2008). 

Tokimatsu et al. (1990) conducted undrained cyclic triaxial tests on specimens of sand that 

were compacted by a vibratory sand compaction pile method. The method was expected to 

increase liquefaction resistance of loose sand deposits by increasing their density and lateral 

effective stress, and by improving fabric of the sand. These effects would be reflected in an 

increased SPT value. It was concluded that liquefaction resistance of compacted sands could 

be evaluated based on SPT values using the relationship established for natural sand deposits. 

Concerning vibro-replacement, its effect in soft fine-grained soils is determined by reduction 

of consolidation time and compressibility and by increase of load-bearing capacity and shear 

strength. The achieved scale of ground improvement is determined by in-situ soil 

characteristics, placement and geometry of stone columns, and soil-mechanical properties of 

the column composition (Moseley and Kirsch, 2004). Since stone columns are stiffer than 

surrounding soil they are effective in reducing settlement, aside from the settlement rate 

increase generated by its drainage effect. Unlike other stabilization methods, such as blasting 

and dynamic compaction techniques, construction of stone columns produces no significant 

vibration or noise, making it suitable for sites in urban areas adjacent to existing structures. 
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Application of ground improvement by vibro stone columns for mitigation of soil liquefaction 

basically consists of the installation of large-sized columns of coarse material in the soil, 

replacing it by compacted gravel (Carvajal Diaz et al., 2015). A probe is inserted to the desired 

depth by vibration and water or air jetting (Figure 7.2). Thereafter, a gravel backfill is fed in 

increments either around the surface annulus (top feed method) or from the vibrator tip 

(bottom feed method), compacted by vibration and by raising and lowering the vibrator. This 

action of the vibrator tends to ram the stone into the sides of the hole, which further densifies 

the surrounding soil (in addition to densification due to probe driving, displacement and 

vibration). The degree of resulting densification is a function of soil type, fines content, soil 

plasticity, pre-densification relative density, vibrator type, stone shape and durability, stone 

column area, and spacing between stone columns (Adalier and Elgamal, 2004). 

 

Figure 7.2 – Vibro-replacement bottom feed method of stone column technique (Carvajal Diaz et al., 2015) 

 

Soil improvement is considered to be due to:  

- soil reinforcement: stone columns provide shear reinforcement and decrease shear 

stress in the existing soil through a shear distribution mechanism (Baez, 1995), since 

they are stiffer and stronger than the surrounding soil; 

- vertical drainage which accelerates the consolidation process due to faster excess pore 

water pressure dissipation. Besides, open-graded crushed rock used in the stone 

column can provide a highly permeable drainage path, thereby reducing build-up of 

excess pore water pressure in surrounding soil; 

- densification and increase of soil stiffness around the columns produced by vibratory 

energy; 

- displacement of a soil volume similar to the installed stone column (increases in-situ 

lateral stress and reduces void ratio). 

This is directly related to improving liquefaction potential as there is an increase in BDD, due 

to densification, and increase of soil stiffness around the columns. There is also a reduction of BHD, due to reinforcement of the soil with stiffer columns of compacted gravel, which is 

considered to be more effective for silty sand and non-plastic silt in which densification and 

drainage are difficult to achieve. Though, as explained later, Rayamajhi et al. (2012) showed 
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that the use of stiffer discrete columns for liquefaction mitigation by shear stress reduction 

might not be an effective solution. Finally, there is a rapid reduction of the excess pore water 

pressure generated by cyclic loading, due to increased drainage capacity. The possibility of 

stone column clogging remains a major concern as excess pore water pressure ratio increases. 

Thus, stone columns should be designed to reduce clogging and loss of drainage effectiveness. 

In fact, drainage design is a function of earthquake input motion parameters (peak ground 

acceleration, frequency, duration) and properties of the soil-stone column system (density, 

permeability, compressibility and number of cycles to liquefaction in undrained conditions). 

Baez and Martin (1992) evaluated the relative effectiveness of stone columns for mitigation of 

soil liquefaction during earthquakes and the limitations on the use of simplified analytical 

methods. It was noted, based on experimental data, that linear mechanisms of consolidation 

are valid only if the pore pressure ratio remains below 0.5. Pore pressures within the gravel 

drain have also been observed to vary. It was concluded that the most appropriate and safe 

way to mitigate earthquake induced potential liquefaction remains in densifying the soil. Still, 

additional benefits resulting from the drainage capacity of the stone column should be 

included in the design considerations provided certain limitations are accounted for. 

Thus, Baez and Martin (1993) presented a coupled method of designing stone and vibro-

concrete columns for densification, drainage and stress concentration criteria. They concluded 

that, by including densification, drainage and stress concentration effects, spacing between 

vibro points can be wider and the overall cost can be dramatically reduced. 

Ashford et al. (2000) presented results of a series of full-scale tests performed on deep 

foundations in liquefiable sand, both before and after ground improvement (installation of 

stone columns), in which controlled blasting was used to liquefy the soil surrounding the 

foundations. Installation of stone columns was concluded to significantly increase density of 

the ground. Additionally, it was found that stone column installation limited excess pore water 

pressure increase and substantially increased the rate of excess pore pressure dissipation. 

Finally, stone columns were found to significantly increase the stiffness of the foundation 

system before and after blasting (by more than 2.5 to 3.5 times that in the liquefied soil).  

Woodward and Blewett (2001) carried out a laboratory investigation into the mechanisms 

related to dissipation of excess pore pressure by vibro-replacement stone columns. The paper 

proposes modifications to the analysis by Seed and Booker (1977), namely to include aspects 

of liquefaction mitigation due to stiffness of the columnar inclusion as well as performance 

constraints caused by finite column permeability and well resistance. In fact, Seed and Booker 

(1977) estimated that the column should be at least 200 times more permeable than the sand 

to prevent liquefaction but the inclusion of well resistance increases this value considerably at 

higher loading frequencies. 

Shenthan et al. (2004) developed an analytical methodology to evaluate the effectiveness of 

vibro stone column and dynamic compaction techniques enhanced with wick drains in 

densifying and mitigating liquefaction in saturated sands and non-plastic silty soils. The 

dynamic compaction technique involved high-energy impacts to the ground surface, by 

systematically dropping heavy weights of 6 to 35 tons from heights ranging from 12 to 40 m, 

using heavy crawler cranes. Numerical models were developed to simulate and analyse soil 
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densification during stone column installation and dynamic compaction process. Moreover, 

important construction design parameters and soil properties affecting effectiveness of these 

techniques were identified, as well as suitable construction design choices.  

For the vibro-stone column technique, analysis included two phenomena: vibration-induced 

and cavity expansion-induced excess pore pressure development and concurrent dissipation 

and densification. Two factors have been deemed important: area replacement ratio and 

hydraulic conductivity. For dynamic compaction, effects of site conditions, soil type, fines 

content, hydraulic conductivity and construction parameters (such as energy and number of 

impacts, sequence of impact, impact grid spacing, time cycle between impact, wick drains 

spacing on depth of influence, degree of improvement) were studied. Decreasing drain spacing 

and increasing time cycle between impacts would improve dissipation of pore pressures, thus 

enhance densification. Soils with hydraulic conductivities higher than about 10-6 m/s might be 

densified using either technique, without supplementary drainage systems. 

The design of the extent of soil improvement to mitigate liquefaction, which is related to its 

necessary width and depth outside the loaded area, is another aspect to consider. Moreover, 

pore water pressures are transmitted from the liquefied area into the improved area. In many 

design codes and standards a maximum treatment depth between 15 and 20 m is given based 

on experience (Moseley and Kirsch, 2004). 

Vibro concrete columns feature not only the benefits of densification by vibration, but also the 

inclusion of ready mix concrete material as an element stiffer than stone columns. The former 

can use the same basic equipment for installation of stone columns (Baez and Martin, 1993). 

Following penetration with the vibrator, soils are densified by the raising and lowering action 

of the vibrator. Next, a concrete pump introduces high quality concrete from the tip of the 

vibrator into the ground. A concrete bulb is built as a base for the concrete column. The 

vibrator is then slowly withdrawn and a continuous concrete column is formed up to ground 

level. Moreover, concrete columns can be reinforced with a single bar to increase bending 

moment capacities, being a good alternative to piles. 

Dynamic consolidation (compaction) strengthens weak soils by controlled high-energy 

tamping. It consists in lifting a weight of around 50-300 kN (5-30 ton) made of steel or concrete 

to the height of 15-30 m and let it fall freely to the ground surface (Towhata, 2008). The 

impact made by this falling weight densifies the soil, being the maximum densification attained 

near the surface and decreasing with depth. The procedure of free fall is repeated until the 

specified free fall energy is reached and the desired density of sand is achieved. 

In fact, it is normal to visualise treatment as a series of heavy-tamping passes with different 

combinations of energy levels designed to achieve improvement to specific layers within the 

depth to be treated. The most common approach is to consider the ground in three layers. The 

first tamping pass is aimed at treating the deepest layer by adopting a relatively wide grid 

pattern and a suitable number of drops from the full-height capability of the crane. The middle 

layer is then treated by an intermediate grid, often the mid-point of the first pass or half the 

initial grid, with a lesser number of drops and reduced drop height. The surface layers then 

receive a continual tamp of a small number of drops from low height on a continuous pattern. 
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The reaction of soils during dynamic compaction treatment varies with soil type and energy 

input. This method is capable of achieving significant improvement to substantial depth, often 

with considerable economy when compared to other geotechnical solutions (Moseley and 

Kirsch, 2004). Moreover, treatment has also been performed below water using barge-

mounted cranes and more streamlined weights with holes cut out to reduce water resistance 

and increase impact velocity on the seabed. 

In granular soils, physical displacement of particles and, to a lesser extent, low-frequency 

excitation will reduce void ratio and increase relative density to provide improved bearing 

capacity and enhanced settlement characteristics. When granular materials extend below the 

water table, a high proportion of the dynamic impulse is transferred to the pore water which, 

after a suitable number of surface impacts, eventually rises in pressure inducing liquefaction. 

Low-frequency vibrations caused by further stress impulses will then reorganise the particles 

into a denser state. Finally, dissipation of the pore water pressures, in conjunction with the 

effective surcharge of the liquefied layer by the soils above, result in a further increase in 

relative density over a rather short period of time (from 1 to 2 days for well-graded sand and 

gravel). 

Finally, densification of loose sand by blasting is economical and time saving. Its disadvantage 

is evidently noise and ground vibration, and hence it is not feasible in urban areas. However, a 

sheet pile wall may be embedded outside the area to mitigate propagation of ground 

vibration. The SPT value increases substantially. The order and intensity of blasting shall be 

studied in order to attain maximum efficiency. As a matter of fact, it is important to seek for a 

better sequence that achieves more extent of change in principal stress orientation, which has 

a significant effect on development of excess pore water pressure and consequent volume 

contraction and densification of loose sand (Towhata, 2008). 

A relevant work regarding densification as a liquefaction mitigation measure was done by 

Coelho (2007), who evaluated how densification would be carried out in a field situation, to 

avoid liquefaction of small-span deck bridges built on saturated deposits of sand using shallow 

foundations. Centrifuge modelling was used to identify the major features and effects of 

liquefaction in the field. Element tests were also carried out to evaluate the performance of 

sand under controlled monotonic and cyclic loading and to calibrate model parameters for 

numerical simulations of centrifuge experiments. 

Thus, behaviour of shallow foundations built on liquefiable ground and use of densification as 

a liquefaction resistance measure were simulated. The importance of considering soil-

structure interaction effects was highlighted. Moreover, it was concluded that liquefaction 

mitigation could be more efficiently achieved if hybrid resistance measures were used. These 

measures included narrow densified columns extending to the base of loose cohesionless 

deposits (and preferably encasing dense layers at the bottom, to reduce settlements as much 

as possible) with a width equal to that of the footing. They would be complemented with 

additional soil improvement techniques restricting post-seismic fluid migration and 

consequently post-seismic settlements. These techniques could be materialized by low 

permeability materials around the densified columns, to block fluid migration from the free 
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field, or by high capacity drains around and inside the densified columns to ease discharge of 

the excessive pressure fluid to the surface. 

It is also important to refer that, according to Balakrishnan and Kutter (1999), densification 

increases the stiffness and shear strength of sand, but changing the stiffness changes the 

natural period of a soil deposit, and depending on the predominant periods of the earthquake 

ground motions, amplification of ground motions may be increased or decreased. 

 

7.3. Shorter drainage path 

Gravel drains have often been constructed to prevent liquefaction of sandy soils during an 

earthquake. Basically, vertical columns of gravel are placed in drilled holes in liquefiable soil. 

They are easy to build and cause less noise and vibration than densification, since the 

procedure does not cause lateral displacement or compaction of the existing soil. Thus, they 

can be used in treating liquefiable sand deposits near existing buildings (Towhata, 2008). 

Since gravel is substantially more pervious than sand, vertical drains operate by providing 

preferential drainage paths which enable excess pore pressures to dissipate, ideally before 

surrounding soil reaches a state of initial liquefaction or has significant deformation. It is 

common to specify a maximum excess pore pressure ratio of 0.25 to 0.5 (Towhata, 2008). 

Construction is usually by auguring a shaft, releasing stone at the tip and tamping while the 

auger is withdrawn. 

Basically, excess pore pressures generated during earthquakes are expected to create vertical 

hydraulic gradients acting to dissipate fluid upwards. As the drain is of greater permeability 

than the surrounding soil (for example, two orders of magnitude, as specified by Seed and 

Booker (1977)), this dissipation is able to occur faster in the drain than in the surrounding soil. 

If a horizontal plane is considered, excess pore pressures are now seen to be lower in the drain 

than at points far away. Thus fluid is given the additional incentive of a radial hydraulic 

gradient towards the nearest drain. Therefore, the rate of dissipation of excess pore water 

pressure is accelerated so that the effective stress does not decrease very much or at least 

recovers quickly before ground fails extensively. However, dissipation of pore pressure also 

results in settlement of loose sandy layers. 

Gravel drains as a liquefaction mitigation measure were initially studied by Seed and Booker 

(1977). They proposed installation of a drainage system as an economical procedure for 

stabilizing a potentially liquefiable medium dense sand layer. The paper presented a simplified 

theory that provided a basis for evaluating the effectiveness of a granular drainage system, 

considering infinitely permeable drains and uniform soil with purely horizontal drainage. 

Sasaki and Taniguchi (1982) performed large scale shaking table tests on gravel drains as a 

countermeasure to liquefaction of sand deposits. Furthermore, cyclic laboratory tests and 

finite element analyses were performed, including generation and dissipation of pore water 

pressure during cyclic loading. It was concluded that increase of pore water pressure during an 

earthquake excitation becomes smaller near the gravel drain. Additionally, dissipation of pore 

water pressure after the end of the excitation can be accelerated by the gravel drain. Uplift 
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was remarkably reduced by installing vertical gravel drains, as they prevented water and sand 

flow from the outside area. 

Onoue (1988) studied gravel drain spacing, considering well resistance, and their effectiveness, 

by applying the finite difference method to numerical analysis. A comparison with the results 

of in-situ experiments revealed that well resistance should be considered in gravel drain 

design. This is because, even for a large time factor (which depends on soil permeability, 

earthquake duration and diameter of the drain), a slight increase in well resistance brings 

about a significant increase in the pore water pressure ratio. The analytical results were 

summarized as a set of diagrams, which allow drain spacing design. 

Iai et al. (1988) studied the performance of gravel drains to mitigate liquefaction, using large 

scale model tests on a shaking table. They indicated a simple design procedure for determining 

the spacing between gravel drains, considering the following parameters: ratio of the gravel 

drain radius over the tributary area radius; a factor characterizing the duration of earthquake 

shaking required to cause initial liquefaction; and a ratio characterizing permeability of the 

gravel drain in relation to permeability of the ground. 

Brennan and Madabhushi (2002) studied the use of vertical drains through the liquefiable 

material to provide rapid dissipation of excess pore pressures. They stated that drain systems 

were designed using a chart-based approach, as that by Onoue (1988), although field 

experience suggested that its performance could not yet be accurately predicted. So, to help 

clarify drain behaviour, high quality centrifuge testing was used to study a radially expanding 

zone of soil contributing to drainage through the drains. It was shown that fluid from deeper 

strata is drained first, reducing effectiveness of the drain for near-surface soil layers.  

The collected experience also suggested that while drains can certainly provide a solution, 

settlement can still occur to an unsatisfactory degree. Besides, they concluded that the real 

advantage of drains may lie not in preventing liquefaction but in reducing the time that 

deposits spend in a liquefied state. This should prevent problems caused by prolonged post-

earthquake excess pore pressures, such as rotation of bridge piers or high backfill pressures 

behind quay walls. As a matter of fact, the drain discharge capacity may become the 

determining factor when considering the time before fluid can drain from the full depth of a 

thick liquefiable stratum. 

Orense et al. (2003) addressed the use of recycled concrete crushed particles as gravel drain 

materials. In order to investigate the performance of wall type gravel drains around an 

underground structure, two series of shaking table tests were performed. The test results 

showed that gravel drains, when appropriate grain size distribution is considered, effectively 

dissipate the excess pore water pressure underneath the structure and consequently reduce 

the magnitude of uplift. In fact, the use of gravel drains with large amount of sand-size 

particles is not effective in dissipating the excess pore water pressure that develops 

underneath the structure because of its low permeability. On the other hand, drains with only 

gravel-size particles limit the amount of excess pore water pressure generated within the 

drain, due to its high permeability. In addition, pore pressure dissipation is relatively fast. 
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To supplement the laboratory tests, finite element analyses were also performed. For a 

specified structure, ground and earthquake conditions, there is a critical width of gravel drain 

wall at which no uplift of the structure will occur. The results of the model tests and the finite 

element analyses were then employed in developing design charts for determining the critical 

width of gravel drain wall to prevent uplift of the structure. 

Brennan and Madabhushi (2006) stated that vertical drains are seen to begin fluid dissipation 

from deeper deposits first. Centrifuge results were used to determine the effect of drains not 

being installed to the full depth of the liquefiable layer (partial drains), showing this 

significantly retards their performance, due to dominance of vertical dissipation. Furthermore, 

drains at group periphery should not be relied on to provide protection against liquefaction, as 

far-field fluid ingress into these drains retards their performance. So, for drains to perform to 

the best of their ability, they must extend through the full depth of liquefiable material. 

Papadimitriou et al. (2007) studied the use of gravel drains as a means of mitigating 

earthquake-induced liquefaction in non-cohesive soils, using the 2D finite difference code FLAC 

(Itasca Consulting Group) and a proposed bounding surface plasticity model, which simulated 

well various aspects of cyclic behaviour, like generation of excess pore water pressure towards 

liquefaction, permanent deformations, shear-induced dilation, softening and the effects of 

evolving fabric anisotropy. The emphasis of the analysis was the rate of excess pore water 

pressure build-up in the improved ground, as compared to available methods for design of 

gravel drains. In particular, a discussion was presented regarding conservatism of the design 

charts of Seed and Booker (1977) for insignificant drain resistance. 

Bouckovalas et al. (2011) presented results from 3D numerical analyses of the excess pore 

pressure response of a thin liquefiable sand layer improved with gravel drains, using an 

advanced bounding surface plasticity model (Figure 7.3). The numerical predictions showed 

that the work of Seed and Booker (1977) is systematically conservative by overlooking the 

“shake-down” effects in plastic strain or excess pore pressure accumulation exhibited during 

cyclic loading of cohesionless soils. In fact, unless the improved ground liquefies, excess pore 

pressures reach a peak value at the early stages of seismic shaking and then decrease, while 

shaking continues. The original formulation predicted a steady asymptotic increase of excess 

pore pressures reaching their peak value at the end of shaking (Bouckovalas et al., 2009). As 

well as that, the coefficient of volumetric compressibility, as proposed in the original 

methodology, was grossly overestimated leading to a rather delayed reaction of the drains to 

earthquake-induced excess pore pressure build-up and consequently to a volume of drains 

twice the required. 

Drainage can also be achieved by installing drainage pipes. For instance a screen pipe is 

composed of slender rods in the axial direction combined with circular rings. The spacing of 

0.0001–0.0003 m between rings allows ground water to be drained into the hollow pipe. This 

pipe is dynamically penetrated into loose sand, and hence a relatively small equipment is good 

enough to install the pipe into liquefiable ground, which is relevant for limited heights of 

installation in buildings (Towhata, 2008). 
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Figure 7.3 – Grid configuration of drain improved liquefiable sand encased between two impermeable clay layers 

(Bouckovalas et al., 2011) 

 

Rasouli et al. (2016) examined the efficiency and performance of installing various 

configurations of drains, and their combination with sheet-pile walls in different groundwater 

levels. In fact, prefabricated drains solve many limitations of traditional gravel drains and stone 

columns. It is now possible to install these drains not only vertically, but also with some 

inclinations.  

They concluded that the settlement of the building did not decrease unless a full set of drains 

(vertical, base diagonal, and shallow diagonal) were installed under the structure. The inability 

to prevent liquefaction by an incomplete set of drains caused slight additional settlement of 

the building by accelerating dissipation of excess pore-water pressure. Furthermore, unless 

there is perfect non-liquefied ground under a building’s foundation, settlement of the 

structure cannot be reduced significantly. In this regard, preventing liquefaction in shallower 

depths has crucial importance by using, for instance, a surface non-liquefiable crust and 

lowering ground water levels. Nevertheless, the settlement was decreased when vertical 

drains were installed with diagonal drains, as vertical drains prevented liquefaction at the 

edges and, consequently, prevented lateral expansion of the soil under the foundation.  

It was also found that using sheet-pile walls equipped with drains enhanced individual 

performance of both drains and sheet-piles in reducing settlement. This is due to the fact that 

the impervious sheet-piles prevented inflow of water into the drains from free field and, 

accordingly, the drain capacity only dissipated excess pore water pressure under the structure. 

On the other hand, the drains reduced the applied lateral pressure on the sheet-piles from 

liquefied sand and surface structure and induced less bending moment in the piles. 

 

7.4. Soil reinforcement 

Micropiles are small-diameter, drilled piles, composed of placed or injected grout with some 

form of steel reinforcement (either a high-strength steel bar or tube) in the centre of the grout 

to resist the bulk of the design load. They have been adopted extensively for many 

applications, including seismic retrofit. Micropiles are fittingly suited for existing structures, as 



162 
 

they can be installed in any ground conditions with minimal vibration, disturbance and noise, 

at any angle and in areas of restricted access and low headroom. Micropiles can be used to 

directly resist applied loads (mainly through skin friction) or for ground reinforcement through 

creation of a soil/pile composite structure (Mitrani and Madabhushi, 2008). In what concerns 

buckling, in most cases the structural capacity of a micropile is dictated by its compressive 

strength, before a critical buckling load is reached. Nevertheless, particularly in the case of end 

bearing micropiles embedded in very soft soils, or in karstic environments where voids exist 

within the material above the bond zone of the pile, buckling shall be evaluated on a case-

specific basis. 

So, micropiles are currently expected to reduce the risk of soil liquefaction by increasing soil 

stiffness and reducing soil movements, presenting flexibility and ductility. If cyclic shear strains 

are sufficiently reduced, liquefaction should not occur. Traditional installation techniques for 

micropiles involve drilling, insertion of steel reinforcing, followed by grouting, and are not 

suited for loose granular soil below the water table without the use of temporary casing. 

However, self-drilling micropiles are ideally suited to installation in loose, liquefiable sands 

without use of the temporary casing (McManus et al., 2004). Nonetheless, the durability issue 

has to be taken in consideration, namely the possibility of corrosion of the micropile. It can be 

minimized by sacrificial corrosion allowance, galvanized coatings or use of fly ash cemented 

grouts. Still, the grout cover always needs to be carefully assessed. 

Ousta and Shahrour (2001) carried out a numerical study of the behaviour of micropiles used 

for the reinforcement of saturated soil. Since the seismic response of micropiles in saturated 

soil is three-dimensional and non-linear, a 3D model, which took into account both solid-fluid 

coupling and non-linear behaviour of the soil, was used. Soil behaviour was described by 

means of a cyclic elastoplastic constitutive relation, using a bounding surface model. Both 

seismic behaviour of a single micropile and group effect were analysed. 

It was concluded that the presence of micropiles slightly affected the earthquake-induced 

pore-pressure. Moreover, when micropiles were used in loose to medium sand, seismic 

loading induced an increase in pore-pressure, which led to a large degradation of soil stiffness 

and resistance and, consequently, caused a high increase in the forces in the pile, namely its 

bending moment. Finally, group effect induced a significant reduction in the bending moment, 

which was observed up to a high spacing to diameter ratio (around 6). 

Juran and Shahrour (2004) analysed the performance of micropile systems under seismic 

loading. Experimental and numerical results of centrifuge model testing and three-dimensional 

finite element modelling, respectively, were presented and analysed to study the effect on 

response of the main controlling parameters of the micropile–soil–structure system, such as 

kinematic interaction, group effect and micropile inclination. Inertial forces resulting from 

acceleration of the superstructure transfer to the micropiles a lateral load and an overturning 

moment, which induce axial tension/compression forces and bending moments in the 

micropiles. The seismic design of micropile systems should therefore ensure that the 

micropile-cap connection can properly transfer the seismic loading to the micropiles and that 

the micropile interface friction is sufficient to resist mobilised axial forces. 
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Regarding group effect, it was positive in decreasing maximum bending moment in the 

embedded part of the piles with decreasing spacing. Concerning inclination of the micropiles, it 

resulted in an increase of the stiffness of the micropile-soil system and thereby led to a 

reduction of the soil lateral displacement. It also led to an increase in the bending moment at 

the connection with the cap and to a reduction of this moment in the embedded part. Finally, 

regarding performance in liquefiable soils, seismic-induced pore water pressure increase also 

led to a significant increase in the pile bending moment, particularly at low frequencies. 

However, the use of micropiles induced soil confinement, reducing the seismic-induced soil 

movement and, consequently, the pore water pressure build-up and the risk of liquefaction. 

Mitrani and Madabhushi (2008) described four centrifuge tests investigating the performance 

of non-structural inclined micropiles as a liquefaction remediation method for existing 

buildings. They intended to examine how inclined micropiles, inserted from outside the 

footprint of a building, would perform in mitigating liquefaction risk. In addition, they 

investigated the performance of micropiles when it was not possible to improve the full depth 

of the liquefiable layer. Finally, the effect of migration of pore water, from surrounding 

unimproved zones, was also considered. 

Two soil profiles, with the same superstructure founded on each, were tested under 

earthquakes of different magnitudes and durations. The first profile consisted of a deep, 

homogeneous layer of loose, liquefiable sand. The second comprised a shallow layer of loose 

sand overlying dense sand. Centrifuge tests were carried out with and without inclined 

micropiles in each soil profile, using both full-depth and partial depth zones of improvement. 

The superstructure was modelled as an idealised single degree of freedom (SDOF) system. 

It was found that micropiles have no detrimental effect on the performance of the structure 

during and after earthquakes. Moreover, in case of earthquakes which cause liquefaction up to 

a depth lower than the depth of the improved zone, their presence may also decrease 

structural settlements. On the other hand, if the depth of free-field liquefaction extends below 

the base of the uppermost micropiles, foundation soil below may fail and the structure as well 

as the improved volume of sand may begin to sink. Additionally, no conclusive evidence was 

obtained to show that micropiles significantly restrain lateral soil movement due to monotonic 

shearing from the structure or impede migration of excess pore pressures from the free field 

to the foundation zone. Both these processes have critical effects on structural settlement. 

The authors concluded that the tested arrangement of non-structural inclined micropiles is not 

an effective way of reducing structural damage caused by liquefaction to existing buildings. 

Furthermore, in order to maximise success of the improvement method, micropiles need to be 

directly under the structure, connected to it, and must extend through the full depth of the 

permeable layer. 

Naeini and Moayed (2012) described a case-study in which 350 micropiles of 0.075 m diameter 

and 15-20 m long, in a 3x3 m grid, have been used for the improvement of loose sandy soil 

deposits. The results showed that, by using micropiles, the response of these deposits under 

surface loading can be significantly improved: their bearing capacity increased considerably 

and settlements decreased. Likewise, the modulus of subgrade reaction and the SPT values of 

soil layers increased. Therefore, liquefaction resistance was also improved. 
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Sheet piles underground walls have been constructed to protect buildings against soil 

liquefaction. They can also be used in surrounding walls to protect tanks and other structures 

from subsidence and inclination, by preventing flow of liquefied soil in the horizontal direction. 

However, when applied to existing structures, vibration and noise during construction works 

may affect neighbouring structures and residents. Therefore, instead of driving piles, press-in 

methods have been adopted for construction of steel sheet pile walls (Hamada, 2013). 

Kogai et al. (2000) intended to find a practical method to predict ground displacement 

considering the effects of a sheet pile wall. So, they examined the recent experience of a river 

dike during the 1995 Kobe earthquake and suggested several measures, including an 

embedded sheet pile wall. These were able to mitigate displacement to an acceptable level 

and consequently avoid flow failure of the dike. In fact, when the embedded sheet pile was 

deep and a large berm was attached to the dike, damage was small. 

Then the study presented results of small shaking table tests, in which displacement of a 

liquefiable slope was mitigated by either a sheet pile or a compacted sand embedded wall. 

Greater thickness of the wall reduced the magnitude of subsidence and horizontal ground 

displacement. Though, when the embedded wall did not reach a non-liquefiable base layer, its 

effects were reduced. An analytical method was developed with a corresponding closed-form 

solution for simplified situations.  

Adalier et al. (1998) conducted a centrifuge-testing program to assess earthquake 

performance of countermeasure retrofit techniques for a liquefiable foundation (loose 

saturated sand) under an existing clayey sand highway embankment. Similarly, in embankment 

dams, two main retrofitting philosophies are usually followed. One is containment of the 

liquefiable foundation soils by forming stiff spots extending vertically to bedrock in the ground 

upstream and/or downstream of the embankment. The other is surcharge loading 

(berm/buttress), which adds confinement below the embankment toe and increases its 

stability. Thus, four different liquefaction countermeasure techniques were studied: 

• densification and cement deep-soil-mixing, which intend to reduce liquefaction 

potential within treated zones and reduce lateral flow, by containing the soil; 

• gravel berms surcharge stabilization, which has the goal of improving liquefaction 

resistance of the foundation by increasing confining stresses and adding lateral 

support, improving the structural stability of the embankment slopes; 

• sheet-pile enclosure, which aims to eliminate liquefaction induced lateral flow, 

containing the soil below the embankment. 

Densification was found to reduce permanent displacements of the embankment significantly 

during seismic shaking events. Furthermore, it reduced the extent of lateral spreading, 

resulting in only moderate cracking at the top of the embankment and low excess pore 

pressures under the embankment. Cement deep-soil-mixing reduced the embankment vertical 

deformations less effectively, because the solidified sections translated sideways, which 

usually does not happen as they penetrate into underlying bedrock. In the case of gravel 

berms, crest settlement was reduced moderately, partially due to increased surcharge 

stresses. Berms provided increased liquefaction resistance near the embankment toe and 

occurrence of nearly uniform embankment settlement, hindering migration of foundation soils 
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below the embankment towards the ground surface and offering direct lateral support to 

embankment slopes. However, the berm technique is inadequate where a flow failure 

liquefaction process may occur and it does not provide lateral support to the underlying 

liquefiable soil, possibly requiring an additional restraining countermeasure. Finally, in the 

sheet-pile enclosure case, lateral deformations were virtually non-existent and the 

embankment settlement was reduced moderately, due to dynamically induced densification of 

the contained foundation soil. Moreover, liquefaction within the contained foundation created 

a base isolation mechanism, reducing dynamic shear excitation within the embankment body, 

which settled uniformly and preserved its integrity. Thus, retrofit techniques that constrain 

lateral flow of the underlying liquefied soil are deemed to be particularly effective in 

preserving overall embankment integrity. 

Okhovat et al. (2010) investigated the nonlinear seismic response of underground reinforced 

concrete (RC) tunnels in saturated liquefiable sand by using coupled soil-structure kinematics. 

They studied the effect of sheet piling on both uplift and RC shear deterioration related to 

concrete cracking and steel yielding.  

Sheet piles extending to the top of the non-liquefiable layer and, thus, stopping lateral inward 

soil movement, were expected to prevent considerable uplift of the underground structure 

(Figure 7.4). Sheet piles should be built as close as possible to the structure as uplift 

significantly increased with an increase in the distance of the sheet piles from the structure. 

This could be due to local deformation of liquefied soil between sheet piles. On the other 

hand, sheet piles contributed to amplify shear damage on RC tunnels, although this could be 

minimized by reducing their thickness and, consequently, their required stiffness. 

 

Figure 7.4 – Part of the deformed mesh (enlarged 5 times): (a) without sheet pile and (b) with sheet pile 

extending into the non-liquefiable layer (Okhovat et al., 2010) 

 

Rasouli et al. (2012) performed a series of shaking table tests to examine the use of sheet piles 

in mitigating subsidence due to liquefaction. The subsidence time history of the structure, 

confined by sheet piles, was divided into three distinct stages: consolidation of underlying soil; 

simultaneous consolidation and lateral displacement; heaving of liquefied soil. 
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It was concluded that constraining the underlying soil lateral displacement could significantly 

control the magnitude of subsidence. Moreover, top and bottom fixities of sheet piles were 

important in reducing lateral displacement and maximum induced bending moment in the 

sheet pile. Also, using stiffer sheet piles led to less subsidence. However, if sheet piles are too 

stiff and well constrained at both ends, overtopping of liquefied sand could occur.  

Rasouli et al. (2014) studied three possible mitigation measures for fragile private houses by 

conducting shaking table tests: installation of sheet pile walls surrounding the foundation, 

lowering ground water level (GWL) and installation of diagonal drainage pipes under the 

foundation. 

Installation of sheet pile walls under structures reduced lateral displacement of liquefied soil 

and consequently reduced settlement of the structure. Reaching non-liquefiable layer at the 

bottom and constraining sheet pile’s head from lateral displacement was paramount in having 

good performance of sheet piles. Lowering GWL changed stress distribution of the surface 

structure, causing lower settlement. In addition, it also controlled upward flow of liquefied soil 

during dissipation of excess pore water pressure and prevented sand boiling. Concerning 

drainage pipes, it was observed that settlement was not mitigated unless the full set of drains 

was installed under the building with a relatively low GWL. It implied that prevention of 

liquefaction immediately under the structure is more important than prevention of 

liquefaction in the surrounding area. 

Moreover, it was observed that full-length sheet-piles reduced settlement of the building 

substantially but its performance against tilting was not effective because liquefied sand under 

the building could still deform easily. Installation of drainage pipes reduced tilting of the 

structure as well as its settlement when combined with lowering GWL. Lowering GWL reduced 

both settlement and tilting of the structure to some extent. The experiments were also solved 

numerically to provide a theoretical basis for performance prediction of mitigation measures. 

Rasouli et al. (2015) presented results of a series of 1 g shaking table tests where installation of 

sheet pile walls around the foundation of a building was considered. This was supposed to 

reduce settlement by reducing lateral displacement of liquefied soil under the building. To 

reduce cost of mitigation, sheet piling with gap and half-length sheet piling were examined.  

Installing continuous sheet pile walls in relatively deep GWL could stop settlement of 

structures completely, not only because of reduced lateral displacement but as lower GWL 

contributed to increasing fixity of sheet piles at their top and controlling upward flow of 

liquefied sand. Continuous sheet piles were also shown to delay initiation of settlement. 

Furthermore, sheet piling with gaps delayed initiation of settlement but, on the other hand, 

increased ultimate settlement of the structure, as liquefied sand could easily flow through the 

gaps between sheets. In addition, reaching the non-liquefiable layer was considered a key 

requirement to have a good performance in reducing the structure's settlement. Otherwise, 

there would be considerable lateral displacement of liquefied soil through the space between 

the sheet-pile tip and the non-liquefiable layer at the base.  
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Finally, formation of a water film under the building's foundation, due to residual high excess 

pore water pressure, was believed to be the governing mechanism of post-shaking settlement 

of structures. Sheet pile walls were ineffective in preventing this kind of settlement.  

Soil-cement columns are often used to improve liquefaction resistance of loose sandy ground 

potentially subjected to strong shaking. Shear stress reduction in loose ground resulting from 

the reinforcing effect of these stiffer discrete columns is often considered as a contributing 

mechanism for liquefaction mitigation. A large number of factors affect the behaviour of 

cement columns and so it is necessary to determine the effect of cement on compressibility, 

shear strength and permeability of the stabilized soil. In fact, it has high shear strength even at 

undrained conditions. Bearing capacity and shear strength of columns are, to a large extent, 

governed by axial load and by confining pressure (Moseley and Kirsch, 2004). 

Clough et al. (1989) considered the effect of weak cementation on liquefaction resistance of 

sand. They concluded that the behaviour of loose, cemented sand was similar to the behaviour 

of denser, uncemented sand. Moreover, liquefaction resistance increased with the degree of 

cementation and after a certain level was reached, soil was essentially non-liquefiable. 

Saxena et al. (1988) found that even a small amount of cement significantly increased cyclic 

strength compared to uncemented sands. Like Clough et al. (1989), they noted that cemented 

loose sands behave similarly to dense uncemented sands. They also noted that when 

cemented sands were tested cyclically, axial strains were often more asymmetrical than for 

untreated sands. This is because cement is stronger in compression than in tension and, so, 

most samples were only strained in tension. In addition, they found that cyclic strength of 

treated sands increased with sand relative density and with curing period. 

Rayamajhi et al. (2012) investigated the shear stress distribution mechanism of discrete 

columns and the shear stress reduction in liquefiable soils using 3D linear-elastic finite element 

(FE) models of a unit cell. Discrete columns deformed in both shear and flexure and their 

flexural and rotational response greatly diminished their ability to reduce dynamic shear 

stresses in the surrounding soil. So, according to Rayamajhi et al. (2012), current design 

methods, which assume shear strain compatibility, can greatly overestimate the potential 

reduction in dynamic shear stresses that such columns may provide, being significantly 

unconservative. In a nutshell, the investigation indicated that the use of stiffer discrete 

columns for liquefaction mitigation by shear stress reduction may not be an effective solution. 

It is important to refer, however, that the non-linear behaviour of the columns (more relevant 

for higher seismic loading) and the consequent reduction in their strength was not considered. 

This may affect the results, increasing shear strain compatibility, but, on the other hand, 

reducing the stresses that can be carried by the columns and thus their effectiveness in 

reducing the stresses in the surrounding soil. The non-linear behaviour of the soil, accounting 

for shear-modulus degradation, hysteric damping and pore pressure generation could also 

affect the results, and its consideration would provide a better insight into shear stress and 

strain distributions. 

Rayamajhi et al. (2014) also performed parametric analyses for a range of geometries (area-

replacement ratios, length-to-diameter ratios of the columns), relative stiffness ratios and 

dynamic loadings (pseudo static, harmonic and earthquake-input motions). These linear elastic 
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results provided a baseline against which future nonlinear modelling results can be compared, 

but they also demonstrated that shear stress reductions are far less than predicted by the 

assumption of shear strain compatibility. It was therefore recommended to discontinue use of 

the shear strain-compatibility assumption in design practice. 

Four centrifuge tests were performed as well by Rayamajhi et al. (2015) to investigate the 

reinforcing mechanisms of soil-cement columns in liquefiable sand: an unimproved case, an 

improved case with soil-cement columns and these two former cases with cemented sand as 

base layer (fixed-base conditions).  

It was found that the shear reinforcement mechanism of columns was relatively ineffective in 

reducing cyclic stress ratios in the treated soil or in reducing the potential for liquefaction 

triggering. In fact, liquefaction triggering occurred nearly at the same time for both 

unimproved and improved soil cases (with or without fixed-base conditions) and the 

magnitude of soil settlement was not significantly reduced, though soil-cement columns 

developed significantly smaller settlements than the surrounding soil. When the bases of the 

columns were free to rotate, they rocked within the soil and produced negligible shear 

stiffening of the soil profile. When the bases of the columns were fixed against rocking, they 

deformed primarily in shear and flexure and were more effective in reducing lateral 

displacements after liquefaction was triggered, stiffening the average stress-strain response of 

the composite system and increasing the effective natural frequency of the profile. 

The assumption of shear-strain compatibility between soil and columns greatly overestimated 

shear-reinforcing effects of the columns. They did, however, remain intact and would provide 

a means for supporting overlying structures even after liquefaction was triggered in the soil, as 

long as the columns extend into firm soil below the depth of liquefaction (fixed-base condition) 

and are not badly damaged during shaking (Rayamajhi et al., 2015). 

According to Dashti et al. (2010), several researchers studied the seismic performance of 

relatively deep and uniform deposits of saturated, loose-to-medium dense, clean sand with 

shallow foundations and showed that significant building settlement occurred during strong 

shaking. Post-shaking soil consolidation due to excess pore water pressure dissipation had a 

smaller contribution. Foundations settled in an approximately linear manner with time during 

shaking and commonly settled more than the free-field soil. As a result, building settlements 

were recognized to be strongly influenced by the structure’s inertial forces. 

Dashti et al. (2010) performed centrifuge experiments to identify the dominant mechanisms of 

seismically induced settlement of buildings with rigid mat foundations on thin deposits of 

liquefiable sand. The primary settlement mechanisms identified were: volumetric types (rapid 

drainage, sedimentation and consolidation) and deviatoric types (partial bearing capacity loss 

and soil-structure interaction induced building ratcheting). The relative importance of 

settlement mechanisms was shown to depend on the characteristics of earthquake motion, 

liquefiable soil and structure. The initiation, rate and amount of liquefaction-induced building 

settlement depended greatly on the rate of ground shaking.  

According to Dashti et al. (2010), mitigation schemes were proposed to minimize the likelihood 

of liquefaction under the building by increasing the soil’s cyclic resistance; to reduce building 
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settlements by soil improvement or by supporting the structure on pile foundations; or to 

accommodate the consequences of liquefaction through improved structural design, e.g., use 

of a thick, well-reinforced, mat foundation. 

Although soil densification decreases liquefaction-induced volumetric settlements and 

simultaneously increases the stiffness and shear strength of sand in the free-field, it may not 

reduce transient building settlements in all cases. Changing soil stiffness changes the natural 

period of the deposit, which may increase or decrease ground motion amplification depending 

on the frequency content of the ground motion. Therefore, different structures are expected 

to show different responses to soil densification, as different SSI-induced shear stresses 

develop during shaking. 

Moreover, the net influence of drainage on building settlement is expected to be highly site-

specific and dependent on the properties of the structure, soil and ground motion. A sand 

layer with greater 3D drainage capabilities limits the development of large excess pore-water 

pressures and liquefaction. At the same time, more efficient drainage allows faster pore-water 

pressure migrations within the sand, which amplifies localized volumetric strains during 

partially drained cyclic loading. 

Installation of an independent, in-ground, perimetrical, stiff structural wall minimized 

deviatoric soil deformations under the building as well as localized volumetric strains due to 

partial drainage during shaking and reduced total building settlements by approximately half. 

Use of a flexible impermeable barrier that inhibited horizontal water flow without preventing 

shear deformation (bentonite slurry wall around the building) also reduced permanent 

building settlements, though more moderately. Additionally, both remediation techniques 

reduced foundation spectral accelerations in the period range of interest for the structure and 

the site, reducing the role of SSI-induced building ratcheting. However, both methods 

appeared to increase the tendency for tilting of the structure. 

Soil mixing has been successfully applied for liquefaction mitigation, steel reinforced retaining 

walls, groundwater cut-off walls, stabilization of contaminated soils, settlement control of 

soils, slope stabilization and formation of composite gravity structures (Andromalos et al., 

2001). A primary concept is to enhance soil strength and elastic properties (reduce 

compressibility) by forming an integrated matrix of soil-binder columns and original soil. 

Actually, soils are mixed in-situ with different stabilising binders, which chemically react with 

the soil and/or the groundwater. The stabilised soil material generally has a higher strength, 

lower permeability and lower compressibility than native soil. The most important binder is 

cement (Moseley and Kirsch, 2004). Soil mixing technology can be subdivided into two general 

methods: the deep mixing method (DMM) and the shallow mixing method. 

The DMM, which is more frequently used and better developed, is applied for soil stabilisation 

to a minimum depth of 3 m and is currently limited to a treatment depth of about 50 m 

(Moseley and Kirsch, 2004). In the DMM, a stabilizer (usually a mixture of cement and water) is 

mixed with in-situ soil. The strength of treated soil varies considerably, because it depends on 

many factors, such as water content, amount of stabilizer, curing time and mixing efficiency. 
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Despite a high strength, strain failure is quite small, as well as residual strength after failure, 

denoting a brittle behaviour. 

The typical installation process consists of positioning the mixing shaft(s) above the planned 

location, penetration of the mixing tool, verification and improvement of the bottom soil layer, 

withdrawal, and movement to a new location if necessary. Details of execution depend on the 

applied method, technical features of the equipment, and site specific and functional 

requirements (Moseley and Kirsch, 2004). 

Soil mixing can be done to a replacement ratio of 100% wherein all soil inside a particular block 

is treated, as is usually the case for shallow mixing applications, or to a selected lower ratio, 

which is often practised with deep mixing. Depending on purpose of improvement, specific 

conditions of the site, stability calculations and costs of treatment, different patterns of 

column installation are used to achieve the desired result. As a matter of fact, there are two 

application patterns: one where treated columns just contact each other (tangent pattern), 

while in the other parts of treated column overlap (overlapped pattern). Soil columns can also 

be single or combined (installed in blocks, panels or stabilised grids) (Figure 7.5). 

 

Figure 7.5 – Deep-mixing types: (a), (b) column-type (square and triangular arrangement); (c) tangent wall; (d) 

overlapped wall; (e) tangent walls; (f) tangent grid; (g) overlapped wall with buttresses; (h) tangent cells; (i) ring; 

(j) lattice; (k) group columns; (l) group columns in-contact; (m) block (Moseley and Kirsch, 2004) 

 

Square or triangular grid patterns of single or combined columns are usually applied when the 

purpose of the DMM is reduction of settlement and, in some cases, improvement of stability, 

as in road and railway embankments. Walls are used for excavation control, to stabilise open 

cuts and protect structures with shallow foundations surrounding the excavation, as a measure 

against seepage, and to increase the bearing capacity of improved soil against horizontal or 

sliding forces. Overlapping is particularly important when executing cut-off walls or 
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environmental barriers. Groups of columns can be utilised to support embankments and 

foundations in order to reduce settlements and/or increase bearing capacity. Various 

combinations of columns are also used to build grid, U-formed, cellular or circular installations 

with tangential or overlapping columns to improve interaction with untreated soil. Lattice-type 

improvements are considered an intermediate, cost-effective system between wall-type and 

block-type improvement. Full blocks are used to create large, highly stable volumes of 

stabilised soil, which act as gravity structures (Moseley and Kirsch, 2004). 

Column installation patterns may not only vary in plan view but also with respect to depth of 

treatment. In wall-type improvement, short and long walls can be alternately installed to 

reduce costs of soil mixing. Long walls transfer loads exerted by the superstructure and 

external excitations to the bearing stratum, while intermediate short walls provide connection 

between long walls, increasing rigidity of the improved soil mass (Moseley and Kirsch, 2004). 

Liquefaction potential mitigation of a site covered with loose, saturated fine soil can be 

provided by wall, grid and block DMM patterns. The use of grid or lattice patterns is especially 

effective (Moseley and Kirsch, 2004). DMM cells reduce shear strain and excessive build-up of 

pore pressure and contain local liquefied zones during seismic events, preventing lateral 

spreading. At the same time they can also minimise settlement and/or increase safety against 

slope failure. DMM blocks with low-strength soil-binder mix can also be used to enable further 

installation of piles and underground facilities. Furthermore, perimeter walls may be installed 

to isolate and contain liquefiable soils under existing structures. Groundwater within the 

enclosed zone is then permanently lowered to provide non-liquefiable conditions. 

Mori et al. (2000) compared centrifuge dynamic modelling tests results on a prototype 

embankment with two-dimensional liquefaction analysis. Centrifuge tests considered 

unimproved ground and cell type improved ground, by using the DMM. Cell type improved 

ground was considered more efficient than column, wall or block types as it provided 

enhanced structural resistance and containment for liquefied soil. 

Centrifuge tests also showed that, whether cell type improved ground was used or not, 

increase in excess pore water pressure at the soft sandy layer below the embankment led to 

liquefaction (no liquefaction occurred inside the cell type improved ground, though). But 

displacements of the surface with cell type improved ground were smaller than those with 

unimproved ground. 

Finally, it is most likely that stiffness and strength to shear deformation of the improved 

material might change over time, and these might impair the long term performance of 

improved soil columns in terms of the interface mechanism (Abbey et al., 2015). 

Shredded tire chips can also be used to improve liquefaction resistance. This idea appears to 

be more economical, for instance, than mixing sand and cement. In fact, there are surplus 

waste car tires, apart from those used as fuel, whose recycling is an urgent issue. Tire chips are 

produced by shredding the rubber part of a tire into small pieces (Towhata, 2008). 

The reason for increased liquefaction resistance of tire chip mixture is probably that rigidity of 

tire chip particles is lower than that of sand grains, allowing some volume compression under 
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developed excess pore water pressure. Thus, volume compression of tire chips produces a 

situation similar to drainage or dewatering, which decrease the extent of excess pore water 

pressure (Towhata, 2008). 

Tsang (2008) proposed a seismic isolation method which makes use of rubber-soil mixtures. A 

series of numerical simulations and a parametric study have been carried out, considering 

dynamic properties, thickness of the rubber-sand layer, building width, number of storeys and 

depth of underground structure. The result is most sensitive to the thickness of the rubber-

sand layer, especially for horizontal acceleration, with higher thickness leading to greater 

reductions in acceleration. On the other hand, in heavier structures the isolation method has 

significantly higher effectiveness in reducing horizontal acceleration. On the contrary, a lower 

effectiveness can be seen by increasing the depth of the underground structure. 

Five important issues regarding the concept and feasibility were discussed, namely nonlinear 

site response, soil resonance effects, liquefaction, ground settlement and environmental 

effects. It was concluded that this method can significantly reduce vertical and horizontal 

shaking level. Furthermore, tire chips reduced the rise of excess pore-water pressure when 

subjected to earthquake shaking.  

Kaneko et al. (2013) conducted simple shear laboratory tests on soil specimens consisting of 

either tire chip-mixed sand or alternating layers of sand and tire chips with the aim of clarifying 

the seismic response characteristics of tire chips and tire chip-sand mixtures.  

The test results showed that when tire chips with low stiffness were either mixed with sand or 

placed as layers, more significant damping and seismic isolation effects were observed, which 

significantly reduced amplitude of acceleration at the ground surface. The presence of tire 

chips also reduced accumulation of excess pore water pressure in the layer, because of their 

deformable nature, preventing occurrence of liquefaction. In addition, effectiveness of tire 

chips mixed with sand increased with the mix ratio increase. 

As well, when tire chips were installed as layers beneath the sand, liquefaction was not 

generated in the upper sandy layer because amplitudes of the seismic waves were attenuated. 

Additionally, when installed as layers, tire chips were more effective when placed at a deeper 

location or when the layer was thicker. So, a significant effect in mitigating the occurrence of 

liquefaction can be obtained by placing layers of pure tire chips at the bottom of the sand 

layers rather than having the same volume of tire chips mixed with sand. 

Horizontal displacement amplitude, though, tended to increase with the amount of tire chips 

in the ground, because stiffness decreased with increasing tire chip content. Settlement issues, 

especially static settlements, may pose some problems in the adoption of tire chips because of 

their highly compressible nature. Nevertheless, once tire chips are placed at designated 

elevations and soil is placed on top of the tire layers, static settlements immediately occur, the 

magnitude of which can be easily accounted for in the design. Moreover, additional 

settlements due to a structure can be incorporated in its design. On the other hand, post-

liquefaction settlements are estimated to be small because excess pore-water pressure 

generated in the tire chip layers is small. Thus, tire chips as a liquefaction countermeasure may 

be best suited for coastal areas where ground can be replaced. 
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Finally, in the biocementation method nutrients and microorganisms are injected into the 

foundation ground under low pressure. Then, a series of chemical reactions takes place and 

products which can gel the sand grains are generated, increasing the shear strength of the soil 

(Huang and Wen, 2015). Before this method can be implemented in practice, though, some 

challenges still have to be solved in the future, like: treatment optimization concerning costs 

and factors involved; upscaling for in-situ implementation controlling, including the flow and 

transport through heterogeneous media, and durability of treatment; and self-healing of 

biotreated soils, which can be used to prevent additional settlement and damage to structures 

or soils during earthquakes and aftershocks (Mujah et al., 2017). 

 

7.5. Grouting 

Grouting increases resistance against deformation, using liquids which are injected under 

pressure into the pores of the ground. Grout is delivered by piston or screw-feed pumps 

through lances, perforated pipes and packered or sleeved pipes. Liquid grout mixes consist of 

cement, mortar, particulate suspensions, aqueous solutions and chemical products like 

polyurethane, acrylate or epoxy. By displacing gas or groundwater, these fluids fill pores and 

fissures and, after setting and hardening, attribute new properties to the ground. The degree 

of improvement depends on the degree of saturation with hardened grout and on its 

properties (Moseley and Kirsch, 2004). 

Jet grouting must be regarded as one of the most versatile forms of ground improvement 

systems. With this technique it is possible to strengthen, cut-off groundwater and provide 

structural stiffness with a single application (Moseley and Kirsch, 2004). As a matter of fact, jet 

grouting develops stiff bonding among sand grains and prevents negative dilatancy of particle 

displacement. Hence liquefaction resistance of sand is drastically improved (Towhata, 2008). 

Either high-pressure water, air and/or grout is used to physically disrupt the ground, modifying 

it and thus improving it. In normal operation, the drill string is advanced to the required depth 

and then the high-pressure water, air and/or grout is introduced while withdrawing the rods 

(Figure 7.6). 

 

Figure 7.6 – Jet grout column construction (Moseley and Kirsch, 2004) 
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Martin et al. (2004) investigated the performance of a shopping complex in Turkey where the 

soils were subjected to the 1999 Kocaeli Earthquake (v = 7.4). The complex is founded on 

shallow footings, mats, and slabs-on-grade that rest on soft, saturated alluvial sediments 

consisting of soft clays, silts, and sands. The soft clays and silts were improved using surcharge 

fills and wick drains. Moreover, small-diameter (0.6 m) high-modulus columns by jet grouting, 

installed in a primary (up to 9 m depth) and secondary grid (2.5 m-long columns on the sand 

stratum), were used to increase bearing support for shallow foundations and to reduce 

liquefaction potential of a silty sand layer that was 1-3 m thick. 

Jet grouting had only been completed for about two-thirds of the site when the earthquake 

struck. Following the event, field inspections found a stark contrast between performance of 

improved and unimproved sections. Where jet grout columns were installed to reduce static 

settlements and prevent liquefaction there was no apparent damage, whereas unimproved 

sections of the complex commonly suffered liquefaction-related settlements of up to 0.10 m. 

Dynamic finite element analyses were used to model the reinforced ground at the site (Olgun 

and Martin, 2008). The results suggested, as also described by Rayamajhi et al. (2015) for soil-

cement columns, that the columns did not reduce seismic shear stresses and strains in the soil 

mass. In fact, reinforced ground did not behave as a composite soil mass due to strain 

incompatibility between the soil and the stiff columns. Column effectiveness was more related 

to vertical support that prevented settlements. 

During the last 40 years, various chemical (permeation) grouts have been developed and used 

in treatment of soils, requiring knowledge of injection material and soil to be injected. 

Specifications of grout material, soil type, application features and relationships among them 

have significant influence on treatment efficiency (Erdemgil et al., 2007). 

Liquefaction can be prevented as rapid collapse of the soil structure will not be possible if pore 

water of a loose soil is replaced by a material of sufficient viscosity or even only modest shear 

strength. Thus, this type of grouting can be an effective, although often expensive, method for 

mitigation of liquefaction risk in loose clean sands. Both particulate, usually cement, and 

chemical, most-often silicate based, grouts are used (Mitchell, 2008). 

The injection materials used in chemical grouting are divided between suspension type and 

solution type. Suspension type (e.g., bentonite suspension) is represented by cement with 

ultra-fine particles, which seep in the ground, filling the voids between soil particles and 

leading to strength increase. However, as seepage deteriorates with injection time, enough 

penetration may not be guaranteed. On the other hand, fracture grouting can happen with 

excessive pressure. So, to avoid fracturing and heaving of the soil during application, injection 

pressure is practically limited to effective overburden pressure. It is applicable for a coefficient 

of permeability of the ground between 1 x 10-2 and 1 x 10-4 m/s (Sawada and Kobayashi, 2011). 

Bentonite suspension is permeated into the soil and becomes bentonite gel. Bentonite gel can 

take up a certain amount of strain, reducing excess pore pressure under seismic vibration, thus 

increasing resistance to liquefaction. After some time, treated soil cures and is restored to its 

original status (Huang and Wen, 2015). Bentonite is widely available and low in cost. 
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Moreover, its properties have been studied extensively; therefore, bentonite suspension can 

be applied as a soil improvement agent over large areas. 

In what concerns solution type materials (e.g., colloidal silica), pore water between soil 

particles is substituted for a gelatinous compaction body, which solidifies due to a chemical 

reaction between the main and the hardening materials. Strength increase is expected due to 

added cohesion. It is applicable for a coefficient of permeability of the ground between 1 x 10-4 

and 1 x 10-6 m/s. Colloidal silica guarantees permanent effects of soil improvement as it has no 

deterioration in mechanical strength, it is not harmful to human health and allows soil to be 

improved uniformly. 

Regarding colloidal silica, Kodaka et al. (2003) studied a chemical grouting method to prevent 

liquefaction of sandy ground using this material. In fact, the sand gel treated by colloidal silica 

showed better long-term stabilization than the usual silica grouting material. Monotonic and 

cyclic undrained torsional shear tests were performed to study deformation and strength 

characteristics of silica treated sand, using a newly developed specimen preparation 

apparatus. The results showed that deformation and strength characteristics were 

considerably improved by colloidal silica treatment. Based on the test results, an elastoplastic 

constitutive model for treated sand was proposed and an effective stress based liquefaction 

analysis, incorporating the model, was performed. This analysis also showed that treatment by 

colloidal silica is very effective in increasing resistance against liquefaction. 

Liao et al. (2003) chose a colloidal silica grout to improve liquefaction resistance of in-situ 

sandy soil in Taiwan, considering its groutability and durability. Compressive strength and 

cyclic behaviour of this colloidal silica grouted sand was studied using a cyclic triaxial test 

apparatus. Despite the low strength of colloidal silica gel, test results showed a 4-7 times 

increase in liquefaction resistance of treated sand when compared with untreated sand. 

Liquefaction resistance increased with curing time as unconfined compressive strength also 

increased. Moreover, higher stress ratio and more loading cycles were needed to initiate 

liquefaction in grouted sand specimens and a smaller liquefaction induced strain was 

observed. Under cyclic loading, deformation of grouted sand specimens increased gradually 

with loading cycles until initial liquefaction occurred, in contrast with a sudden increase in axial 

deformation of untreated sand specimens with initial liquefaction. 

Yamazaki et al. (2005) presented the “Permeable Grouting Method” to improve liquefaction 

resistance, in which pore water was replaced with a silica gel substance. Application of this 

method is similar to the traditional chemical injection method, except that, in addition to 

solidifying soil particles, silica gel forces pore water out of soil voids. The fundamental 

mechanical properties of treated sand and the injection technique were described. One 

advantage of this method when compared with densification methods is that replacement of 

pore water with silica gel does not change stiffness of the soil skeleton and, so, no additional 

seismic force tends to occur on the soil after improvement. 

Liu and Song (2006) investigated liquefaction induced uplift behaviour of a subway tunnel in a 

saturated sandy deposit over a layer of non-liquefiable soils and the working mechanism of 

grouting cut-off walls for uplift mitigation purpose, using a fully coupled dynamic finite 

element code. The cut-off walls and the liquefiable soils were assumed to be perfectly bonded. 
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According to the authors, construction of grouting cut-off walls could be effective and more 

economical, when compared with densification or installation of gravel drains. However, they 

must be sufficiently extended into the underlying non-liquefiable soils. It was found that small 

effective unit weight of underground structures, development of excess pore pressure and 

flow of liquefied soils were the sufficient and necessary conditions for underground structures 

to uplift during earthquakes. Cut-off walls could restrain the flow or deformation of liquefied 

soils and consequently reduce the ‘‘squeezing’’ of surrounding soils underneath the subway 

tunnel and inhibit uplift. Although, depending on soil properties and earthquake excitation 

magnitude, they might not necessarily prevent liquefaction of the enclosed soils. After 

earthquake loading, underground structures might settle due to consolidation of soils and cut-

off walls could also reduce the magnitude of settlement.  

The acting lateral pressure, position and stiffness of cut-off walls, together with the working 

mechanism, are relevant for their design concerning uplift mitigation. In fact, the results 

indicated that construction or installation of cut-off walls must be as close as possible to the 

protected underground structure in order to be effective. As well as that, increasing stiffness 

(higher deformation modulus or thickness) of cut-off walls could limit deformation of liquefied 

soils and excess pore pressure development.  

Ishii et al. (2011) introduced a new liquefaction countermeasure method (Ground Flex Mole 

Method), in which horizontal directional drilling was combined with permeation grouting. 

Moreover, Sawada and Kobayashi (2011) carried out a laboratory soil test to define a 

relationship between strength ratio of grouted sand causing liquefaction and unconfined 

compressive strength. In addition, a static loading test and a shaking table test of the model of 

a pile foundation were also carried out and a relationship was found between injection range 

and bearing capacity of liquefied ground. It was concluded that even injection of a limited 

range around the pile reduced the bending moment in the pile. 

Towhata et al. (2015) performed 1 g shaking table tests, in which a variety of mitigation 

measures for sewage pipelines were examined. The Great East Japan Earthquake in 2011 

caused significant damage in artificial islands. In particular, liquefaction affected embedded 

sewage pipelines, leading to floating of manholes and pipelines as well as clogging due to 

liquefied sand entering the pipes at the disconnected joints. This same problem is expected to 

occur in other areas where strong earthquakes may occur. Because of financial limitations, 

measures with low cost (which require limited excavation) were studied like: mechanical 

constraint (horn structure), installation of drainage measures, partial injection of chemical 

grout or insertion of a sheath pipe.  

Regarding chemical grouting, colloidal silica was used to solidify the soil surrounding the 

pipeline, due to its lower cost compared to other chemical grouting methods. In addition, this 

method has the advantage of quick construction without overall excavation of the backfill. The 

main chosen variables were injection volume, injection interval and length of injection pipe. 

Low floating with small injection interval indicated that the latter is one of the key parameters 

in mitigating pipeline floating, though it also leads to a rise of construction budget. Therefore, 

a compacted sand layer under the pipeline was built reducing pipeline floating significantly. In 

fact, a stable structure was formed where improved soil worked as an anchorage into 
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compacted sand during shaking. An unsaturated pavement upon the liquefiable layer was also 

examined, using the weight of the surface soil to push the pipe downwards. In this case, 

colloidal silica flowed into the small gap between the sand and the gravel layer of the 

pavement. Consequently, a plate-shape structure was created, which led to a structurally-

stable resistance system and also reduced floating drastically. 

Passive site stabilization with colloidal silica grouting (Figure 7.7) is a technique for mitigation 

of liquefaction risk. A colloidal silica stabilizer is injected under low heads and then transported 

beneath the site with flowing groundwater until the liquefiable area is reached. The very small 

size of colloidal silica particles (typically 10 x 10-9 m) makes it possible for the silicate grout to 

seep into fine and silty sand. The ground water flow may be augmented by injection and 

extraction wells (Hamderi and Gallagher, 2015). It can be advantageous at sites with restricted 

access, not well suited to treatment by conventional methods, like under existing structures. 

Suitable stabilizer materials need to have long controllable gel times and low viscosities so 

they can flow into the liquefiable formation slowly over a fairly long period of time. Colloidal 

silica is a potential stabilizer for this purpose because at low concentrations it has a low 

viscosity and a wide range of controllable gel times of up to 3 months. Gel time decreases with 

increasing percent silica, decreasing particle size, and increasing ionic strength. Colloidal silica 

is permanent, nontoxic, biologically and chemically inert, and has excellent durability 

characteristics (Conlee et al., 2012). The cost of this method is much lower than that of cement 

grouting, for instance. 

 

Figure 7.7 – Passive site stabilization (Gallagher and Mitchell, 2002) 

 

Basically, colloidal silica is an aqueous dispersion of silica nanoparticles that can be made to gel 

by changing ionic strength and pH of the dispersion. It forms a permanent gel that binds soil 

particles and provides deformation resistance during earthquake loading. In this application, 

colloidal silica bonds individual sand particles and also fills pore spaces, reducing overall 
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hydraulic conductivity of the formation. Colloidal silica gel encapsulates the soil structure and 

maintains it during dynamic loading. This serves to significantly increase deformation 

resistance of loose sand to cyclic loading and prevent collapse of the soil structure. Being soft, 

this material decreases its volume upon compression and allows less excess pore water 

pressure to develop than water which is practically incompressible (Towhata, 2008). Lifetime 

of colloidal silica was estimated to be greater than 25 years and it is expected to have very low 

solubility in the subsurface as long as pH of the groundwater remains between about 5 and 8. 

Gallagher and Mitchell (2002) performed cyclic triaxial tests to investigate the influence of 

colloidal silica grout on the deformation properties of saturated loose sand. Untreated samples 

developed very little axial strain prior to the onset of liquefaction. However, once liquefaction 

was triggered, large strains occurred rapidly and the samples collapsed within a few additional 

loading cycles. In contrast, grouted sand samples experienced very little strain during cyclic 

loading, namely those stabilized with higher concentrations of colloidal silica. Additionally, 

strain accumulated uniformly throughout loading, rather than rapidly prior to collapse, and 

samples never collapsed. Furthermore, as curing time increased, the level of strain reached 

during cyclic testing decreased. Therefore, it was likely that cyclic resistance would continue to 

improve with time after treatment, because colloidal silica continued to form bonds after 

gelation. Thus, treatment with colloidal silica grout significantly increased deformation 

resistance of loose sand to cyclic loading. 

Gallagher et al. (2007) also executed a full-scale field test to assess the performance of dilute 

colloidal silica stabilizer in reducing settlement of liquefiable soil. They confirmed that samples 

treated with higher percentages (15–20% by weight) of colloidal silica experience less strain 

during cyclic loading than samples treated with smaller percentages (5–10% by weight). It is 

interesting to note that while liquefaction was reached based on the excess pore pressure 

criterion, treated soil did not experience large deformations associated with flow liquefaction. 

This was evidenced by reduced settlement compared with untreated soil. Moreover, 

mechanical properties of solidified sand, such as CPT resistance, did not increase (colloidal 

silica is not as rigid as cement) in spite of the apparently improved resistance against 

liquefaction, which comes from a different mechanism. In fact, this material decreases its 

volume upon compression and allows less excess pore water pressure to develop. 

Gallagher et al. (2007b) used centrifuge in-flight shaking to investigate the effect of colloidal 

silica on liquefaction and deformation resistance of loose, liquefiable sands. Loose sand was 

saturated with colloidal silica grout and subsequently subjected to two shaking events. No 

liquefaction occurred during both shaking events and significantly lower levels of strains were 

measured for treated centrifuge models. In addition, five low-head injection and two 

extraction wells were used to investigate the ability to deliver stabilizer in a fairly uniform 

pattern to the loose sand formation, which was verified. 

Pamuk et al. (2007) conducted physical modelling tests on pile foundations to measure seismic 

performance of passive site stabilization, for use on sites susceptible to liquefaction and 

liquefaction-induced lateral spreading. Effectiveness of treatment using dilute colloidal silica 

was tested by two centrifuge models that simulated soil-pile interaction of a 2x2 end-bearing 

pile group embedded in a multilayer inclined soil profile of 10 m thickness.  
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The results showed that treatment with colloidal silica stabilizer minimized permanent lateral 

deformations and reduced liquefaction potential of the soil. In fact, lateral deformation of the 

ground surface for treated soil was approximately 5% of the value for untreated soil and 

treated soil around the pile cap did not fail or crack due to shaking. Moreover, maximum pile 

bending moments were concentrated around the upper and lower interfaces between non-

liquefiable and liquefiable layers. Significant reductions occurred in these bending moments as 

well as in axial forces because the layer treated with colloidal silica did not liquefy.  

Gallagher and Lin (2009) presented results of a comprehensive laboratory study of factors 

influencing colloidal silica transport in saturated porous media. It was found that colloidal silica 

could be efficiently delivered through 0.9 m length columns packed with loose sand, prior to 

gelation, and in an adequate concentration to mitigate liquefaction. The primary variables 

influencing stabilizer transport were: viscosity of colloidal silica stabilizer (influenced by pH and 

ionic strength of the solution), hydraulic gradient, and hydraulic conductivity of liquefiable soil. 

Conlee et al. (2012) conducted two centrifuge tests to evaluate the effectiveness of colloidal 

silica for liquefaction mitigation. The centrifuge model geometry was selected to study the 

effects of lateral spreading in a 4.8 m-thick liquefiable layer overlain by silty clay sloping 

toward a central channel. The centrifuge tests evaluated the response of untreated loose 

sands versus loose sands treated with 9, 5, and 4% colloidal silica concentrations (by weight). 

Results showed a reduction in both lateral spreading and settlement in colloidal silica-treated 

sands versus untreated sands. They also showed an increase in cyclic resistance ratios and a 

decrease in cyclic shear strains for increasing colloidal silica concentrations. 

Lastly, according to Hamderi and Gallagher (2015), the most difficult feasibility issue to address 

for passive site stabilization is whether grout can be uniformly delivered to a liquefiable 

formation. Therefore, a pilot-scale facility was developed to investigate the optimal rate of 

grout delivery, using injection rates ranging from 0.065 to 9 Lt/min/well. In tests with low 

injection rates, delivery performance was low due to sinking, while at higher injection rates 

sinking was less noticeable. Unconfined compressive strength was measured and results 

demonstrated that as little as 1% by weight of colloidal silica provided a significant 

improvement in strength after a month of curing. The study also revealed the feasibility of 

delivering colloidal silica to liquefiable sands by implementing a large-scale treatment. 

Compaction grouting involves injection of a very stiff grout (usually a soil-cement-water 

mixture) that does not permeate the native soil, but results in the controlled growth of a grout 

bulb mass that displaces surrounding soil and consequently compacts the formation. This 

effect can be observed even at points unreached by grout material. In fact, as the compaction 

grout bulb grows during injection, the soil nearest to the bulb undergoes severe deformation 

and stressing resulting in some local zones of distress at the interface of soil and grout mass. 

Areas further away from the interface are more uniformly compacted since stresses are more 

uniform and the strains are elastic rather than plastic (Moseley and Kirsch, 2004). 

Injection pressures are comparatively higher with respect to those used in permeation mode. 

Usually grout is injected through grout pipes, which are progressively withdrawn from a soil 

mass such that a grout column or series of bulbs is created over the treated depth interval. 

When a specified volume of grout has been pushed into the ground, injection procedure is 
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stopped and the grout pipe is lifted up to the next elevation. A primary and secondary 

sequencing of pipes is desirable, as it will allow for initial densification followed by secondary 

densification, which is confined by the previous work (Moseley and Kirsch, 2004). 

Injection from the bottom-up as the pipe is withdrawn is the most common system as it is less 

expensive and usually as effective as the top-down method. As a matter of fact, the most 

useful place for the latter is where minimal surface confinement exists (for depths less than 

around 5 m), or where incremental lifting of a structure is required. Thus, in the top-down 

method, a compaction grout bulb is injected at the shallowest point first. After the initial set, a 

grout pipe or grout hole is advanced through to the next lower stage and the process is 

repeated. The top bulb and resulting compaction appears to provide better confinement for 

subsequent stages. A variant of the two systems uses ‘down-stage grouting’ at the top of the 

treatment zone followed by ‘up-stage grouting’ for all other work (Moseley and Kirsch, 2004). 

In general compaction grouting is used to repair compaction deficiencies in various types of 

soil formations. It is most frequently used as a remedial measure beneath or adjacent to an 

existing structure as well as to re-level structures which have settled. Moreover, according to 

Boulanger and Hayden (1995), compaction grouting is a versatile and economic method in 

treating liquefiable soils beneath and around existing facilities. Its advantages include minimal 

ground surface disturbance, little site disruption, and the ability to work in constricted spaces 

and to target treatment zones of limited extent at significant depths. On the other hand, there 

are some disadvantages, namely, the need for sufficient overburden cover and minimal 

empirical guidelines to predict treatment effectiveness in liquefiable soils. 

Boulanger and Hayden (1995) made observations on practical aspects such as the effect of 

construction procedures on treatment effectiveness and the types of soil effectively treated. 

Some issues still needed to be addressed like: the distribution of volumetric strains in treated 

soils around grout columns; residual lateral stresses after treatment; the role of the density 

and lateral stress increases on the soil’s resistance to liquefaction; and the composite 

behaviour of treated soil and hardened grout columns to earthquake loading. 

Injection of expansive polyurethane resins is a promising method for liquefaction mitigation, 

namely beneath existing structures. Recently, elastomeric (open cell) polyurethane resins have 

been used to reinforce the soil (i.e., improve its mechanical properties) and to recover 

settlements of shallow foundations (Manassero et al., 2016) (Figure 7.8). In case of coarse-

grained soils, hydraulic conductivity is high enough to allow resin to penetrate the pores to 

some extent and, consequently, there is the formation of a bulb of grouted soil, which expands 

until it reaches a state of equilibrium with confining stresses generated by the surrounding soil. 

Expansion volume can reach 15 times the injected volume, depending on soil density, 

confining pressure and resin type. The looser the soil, the greater the expansion for a given 

resin mix (Traylen, 2017). The expansive polyurethane injection process typically results in a 

veining of expanded material distributed through the soil mass as dykes, sills or networks of 

sheets, typically tens of millimetres thick (Figure 7.9). 

Urethane and polyurethane polymers are part of a vast family of polymers. Expansive 

polyurethane resins are produced from the exothermic reaction that occurs between apolyol 

and anisocyanate. During the reaction, a great quantity of carbon dioxide is generated, which 
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determines the volumetric expansion of the mixture. In a very short period of time the mixture 

hardens, passing from a liquid state to a solid one. Consequently, in the presence of a 

confinement, the expansive capacity of the resin produces densification of the surrounding 

soil, as additional material is introduced into a relatively constant soil volume. Besides, other 

effects, such as improvement in composite stiffness, cementation and horizontal stress 

increase, are also present. 

 

Figure 7.8 – Injection layout for settlement recovery of buildings (Manassero et al., 2016) 

 

 

Figure 7.9 – Hydro-exhumed resin veins (Traylen, 2017) 

 

Soil consolidation treatment with expansive resins is not very invasive and has shown great 

flexibility, low energy consumption and extremely reduced environmental impacts. Injection 

tubes are driven into the ground at regular intervals and an injection port is attached to the 

tube at each injection point. Multipart materials are mixed at specific pressures and 
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temperatures at the nozzle, and the live composite material (resin) is then pumped down to 

the base of the tube, where it enters the soil matrix at a controlled pressure along pre-existing 

planes of weakness or through fracturing of the soil mass. The resin also permeates the soil 

mass to a limited extent depending on the porosity of the soil. Either top-down or bottom-up 

methods can be employed. In a typical bottom-up installation the tube is withdrawn either in 

set stages with set volumes of material injected at each stage, or at a uniform rate, with set 

volumes of material injected per unit length of withdrawal (Traylen, 2017). 

Erdemgil et al. (2007) presented two applied cases of foundation bearing capacity 

improvement through utilization of a commercial expansive polymer injection (Uretek®) for 

existing structures in Turkey. Owing to its chemical texture it can easily permeate into soils 

having initial permeabilities as low as 10-6 m/s. Gelling time of the resin is quite short, almost 

immediate. Most of the final compressive strength was attained in one hour and it was fully 

achieved after an approximate setting time of 24 hours. 

In-situ dynamic penetration testing was utilized before and after execution for assessment of 

treatment effectiveness for the foundation soils, which were liquefaction susceptible in one 

case. In this case, SPT values in the treated area increased two to three times. Thus, expansive 

polymer injection can be effectively utilized for strengthening foundation soils against 

earthquake related damage and is efficient as a remedial measure against liquefaction in 

coarse grained soils. Moreover, this method offers exceptional advantages over the great 

majority of mitigation methods in urban environments, concerning excessive noise or vibration 

generated during construction, and also provides a relatively high level of effectiveness 

compared to possible alternatives, namely for existing structures.  

In conclusion, according to Erdemgil et al. (2007), expansive polymer injection improves soil 

resistance in two distinct ways, depending on soil type and grouting mode: first, in parts of the 

soil through which resin impregnates, the void space in the soil is filled by expansive resin and 

a chemical bond is provided between solid particles; second, due to the resin expansive 

character, injected soil enlarges in volume, exerting significant pressure over the surrounding 

soil, which results in effective stress increase and reduction of voids (densification) in the soil 

mass. The combined effect provides a substantial improvement of soil strength in the injection 

zone. 

Manassero et al. (2016) determined the mechanical and hydraulic properties of the Uretek® 

resin in laboratory, identifying rather high unconfined compressive strength and that the resin 

was almost impermeable. Theoretical assessment of soil improvement by expansive resins was 

also conducted using the cavity expansion theory in elastoplastic media, in drained conditions, 

with a modified constitutive model. Original and post-treatment SPT values and soil shear 

strength were simulated theoretically inside a vertical treatment square mesh of 1.5 m, 

showing an increase of almost twice the original value. Thus, this treatment can be used to 

mitigate liquefaction risk, by increasing density and confinement stress of loose sandy 

deposits. As a matter of fact, the resin injection and expansion process results in densification 

of the ground (in a similar way to compaction grouting). 

Traylen (2017) examined whether Teretek® expansive polyurethane resin mix injection was a 

viable method for liquefaction mitigation. A series of trial injection panels, approximately 8 m 
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by 8 m (Figure 7.10), were executed by injecting resin to 6 m depth on a 1.2 m by 1.2 m 

triangular grid, at three different sites of Christchurch Red Zone (which sustained some of the 

worst liquefaction-induced land damage during the 2010-2011 Canterbury Earthquake 

Sequence). Pre-improvement and post-improvement soil density and stiffness in the injection 

zone, between injection points, were compared via cone penetration testing (CPT), direct push 

crosshole testing and dilatometer testing (DMT). 

 

Figure 7.10 – Trial injection panel (Traylen, 2017) 

 

There was notable and consistent increase in the relative density of sandy soils at all three 

sites (around 30%). Post-improvement CPT tip resistance increased on average 80%. Calculated 

post-improvement liquefaction settlements and tHu (liquefaction severity number - depth-

weighted index that gives an indication of the possible degree of surface land damage that 

might result from liquefaction) values were reduced by 50 - 80%. Furthermore, measured post-

improvement cross-hole shear wave velocities increased in the order of 40%, resulting in soil 

shear stiffness increasing by approximately a factor of two. DMT indicated increases in the 

‘horizontal stress index’ of about 80%, which implies further potential increases in resistance 

of soils to liquefaction due to increased horizontal stresses. 

Finally, consistent increases in post-improvement soil density and stiffness (to a point at which 

liquefaction susceptibility was either eliminated or greatly reduced) indicated that surface 

damage potential due to liquefaction was significantly reduced. Moreover, effectiveness of 

improvement increased with both decreasing fines content and increasing confining pressures. 

What is more, resin injection did not appear to loosen soils at low confining stresses, unlike 

compaction grouting. In a nutshell, results of this study demonstrated that expansive 

polyurethane resin injection is a viable ground improvement method for liquefaction 

mitigation.  

It’s also important to refer that, concerning costs of this technology, although the cost of the 

resin may be considerable, albeit controllable by restraining the volume of resin injection, the 

costs of operation of equipment are lower than most methods. Besides, this technology has 

practically no environmental or other indirect social costs. 
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7.6. Induced partial saturation 

Induced partial saturation means passing the soil from a saturated to an unsaturated state. A 

small decrease in saturation may lead to a great increase in liquefaction resistance. This is due 

to the fact that the volume of unsaturated sand can change by compressing the volume of 

pore gas when dilatancy occurs (Towhata, 2008). Therefore, effective stress does not decrease 

significantly and liquefaction potential is very low. Different techniques may be used, like 

dewatering, air injection or biogas, which can be economical liquefaction mitigation methods 

(Huang and Wen, 2015). 

The simplest way of dewatering is the use of a trench, which is mainly feasible along dikes. 

Other methods include building an impervious underground wall to prevent inflow of water 

from outside and from the bottom and removing water from inside of the walls by using deep 

wells. It is relevant to refer that dewatering and consequent increase in effective stress may 

trigger ground subsidence which may be hazardous to existing facilities (Towhata, 2008). 

Concerning air injection, it uses special equipment to inject air into the ground and thus 

reduce soil saturation, development of excess pore water pressure and subsidence. Regarding 

biogas, it is based on processes used in microbial wastewater treatment to produce gas in the 

internal soil environment. Both measures are effective and reliable in liquefaction mitigation, 

as air bubbles can remain entrapped in the saturated soil for a long period of time and do not 

dissipate easily (Zeybek and Madabhushi, 2017). However, compared to air injection, biogas 

has the following advantages: the mixture can be diffused into the soil and so gas bubbles can 

be distributed evenly, as viscosity of the microbes and nutrients is low; escape from the 

foundation is more difficult because gas bubbles in the pore water are small; it is energy 

efficient since no high-power device is used in the process; it can achieve good liquefaction 

mitigation without recompacting the foundation. Biogas creates minimal disruption to the site 

and can be applied to existing and vulnerable structures. 

 

7.7. Liquefaction mitigation measures in immersed tunnels 

Mitigation of liquefaction of the ground around a tunnel, during an earthquake, is one of 

several reasons why ground improvement may be used in immersed tunnels. As a matter of 

fact, loose materials susceptible to liquefaction are frequently found in beds of waterways. 

Liquefaction is also influenced by layering and variability of the soils, with different fines 

contents. The tunnel alignment cannot usually be altered to avoid the material, so the only 

viable option is to improve soil strength, density and/or drainage conditions in order to reduce 

ground susceptibility to liquefaction (Lunniss and Baber, 2013). 

Other reasons for ground improvement include unacceptable differential settlements along 

the length of the tunnel, as immersed tunnels are often built in relatively poor fluvial or glacial 

deposits of rivers and estuaries. Moreover, bearing pressures under immersed tunnels are 

usually relatively low (generally of the order of 20 - 30 kPa), often less than the initial stresses 

before tunnel construction. Thus, ground improvement may be necessary beneath the tunnel 

foundation, particularly at zones of soil heterogeneity, like transition zones between the river 

deposits and the bedrock near the shores, to avoid excessive differential settlement that could 
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lead to cracking or damage to the tunnel structure or loss of water tightness in the structure or 

the joints. Ground improvement may also be used to improve the stability of soils and 

consequently minimize dredging volumes, namely in very soft alluviums and silts with a small 

friction angle. It is similarly an option if the natural dredged trench profile undermines existing 

infrastructure and needs to be steepened accordingly. 

The main recognized techniques to improve the ground that have been applied to immersed 

tunnels include ground replacement, stone columns, in-situ soil mixing and sand compaction 

piles (Lunniss and Baber, 2013). With these techniques, it is possible to improve bearing 

capacity, shear modulus of the soil, liquefaction resistance and stability of underwater slopes. 

Concerning ground replacement, this is the simplest method of ground improvement, where 

poor materials are excavated and replaced with better-quality engineering material. Soft 

sediments, organic material, peat, or any other low-strength or compressible layers can be 

removed by normal dredging techniques and replaced by granular material, uniformly graded 

to avoid compaction, placed by grab, fall pipe or barge dumping (Lunniss and Baber, 2013). 

This method of ground improvement is generally used at the transitions between immersed 

and approach tunnels, where limited areas of softer material can be removed and replaced 

easily. There is commonly a firm foundation beneath the approach tunnel and a soft 

foundation beneath the immersed tunnel. This could lead to differential settlement, which can 

be smoothed by introducing a triangular wedge of granular material (thickest at the approach 

tunnel). An increase in fill on the tunnel roof, combined with a lens of very soft material, is also 

usually dealt with by replacing soft material with better granular material. 

Regarding stone columns, they are an effective method of improving behaviour of soils during 

a seismic event by increasing ground shear modulus and limiting pore pressure increase. 

Associated with drains, they provide vertical drainage pathways that increase the rate of 

consolidation settlement, limiting differential settlement, and allow water to escape during a 

seismic event, dissipating excess pore water pressure. In this way, liquefaction is prevented. 

They also improve bearing capacity (Lunniss and Baber, 2013).  

According to Lunniss and Baber (2013), there are two main methods of installing stone 

columns: replacement method (see gravel drains in section 7.3.) and displacement method 

(see vibro-replacement in section 7.2.). The displacement method is generally preferred to 

minimize the cost of equipment, and handling of materials. Limitations on this method relate 

to depth: it has been used to install stone columns up to 30 m below sea bed level. 

In the replacement method, a sleeve is lowered from a crane barge into an augered hole. The 

auger removes spoil and then enables the sleeve to penetrate. Once the required depth is 

achieved, the sleeve is filled with stone and withdrawn, leaving the stone column in place. 

There will be some relaxation of the stone into the surrounding soil as the sleeve is withdrawn. 

Concerning the displacement method, a tremie pipe is pushed or vibrated into the soil to the 

required depth. The tremie has a special driving shoe that also enables stone to be released. 

As the pipe is then withdrawn, gravel is released through the bottom of the pipe. There will 

still be relaxation of the stone into the soil as the tremie pipe is withdrawn. 
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Diameters of sleeves and tremie pipes are typically 0.60 m to 1.0 m. Stone columns will be 

normally spaced on a grid at approximately 2 m centres, either on a square or diamond shape. 

Choice of spacing and arrangement will depend on design conditions that are to be achieved 

for bearing capacity, density, or for relief of pore water pressures. 

Grading of the gravel tends to be very narrow to ensure self-compaction and to maintain a 

water path through the column. There will inevitably be a transfer of sediments into the 

column as gravel relaxes into the soil and some clogging from silt may occur. However, as 

diameters of columns are generally quite large, it is usually considered that a water path will 

be preserved. Nevertheless, drains may be added to assure its preservation. 

As stone columns are used to prevent liquefaction, it is important to provide a water path to 

the surface of the sea or river bed. Thus, there will need to be a connection from the heads of 

the stone columns to a permeable layer that connects through the backfill around the tunnel 

to the bed level. This may require a gravel bed foundation layer immediately beneath the 

immersed tunnel structure and coarse backfill on the sides of the tunnel. 

Vibro-replacement techniques also improve liquefiable soils by densifying and reinforcing 

them. The variation of permeability over the length of the drainage column strongly influences 

its resistance and must be taken into consideration in design (Boulanger et al., 1997). 

In what concerns in-situ soil mixing, it is a technique that offers the deepest ground 

improvement possibilities (Lunniss and Baber, 2013). The technique uses a set of augers to 

penetrate the ground and, as they are withdrawn, cement is injected and mixed with the soil. 

Hydration occurs due to the presence of ground water and a column of strengthened material 

is formed. The plant required will usually have a set of augers mounted in a line or pair of lines 

that operate together and form a wall or panel of treated material. The sequence of treatment 

usually forms a square pattern of these walls in the ground. Anywhere between two and eight 

augers have been used and, typically, an eight-auger arrangement would create a panel of 

approximately 2 - 3.5 m. 

This method of ground treatment can improve bearing capacity and stiffness of the soil mass 

and can be used in soils with high liquefaction potential to ensure that they do not collapse if 

liquefaction occurs. It limits settlements due to liquefaction, although it may increase 

structural moments between panels of treated material.  

In-ground-walls also reduce earthquake induced shear strains in the treatment zone, limiting 

pore pressure generation; contain enclosed soil, contributing to the composite shear strength 

of the treatment zone; and act as a barrier to migration of high excess pore pressure from 

untreated soils. For immersed tunnels, in-ground walls can also reduce flotation by providing 

additional ballast or by confining liquefied soil beneath them, stopping movement of water 

from surrounding zones to the zone beneath the tunnels (Boulanger et al., 1997). Treatment 

can be carried out to depths of up to 70 m below sea bed level and is suitable for deep water 

and offshore conditions. 

Regarding sand compaction piles (SCP) (see also vibro-compaction in section 7.2.), they 

constitute a method of densifying the ground using displacement techniques. They have been 
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used for enhancing bearing capacity, stabilizing the ground, and reducing settlement for a 

variety of structural types. They are suitable for marine installation and have been successfully 

used to densify loose deposits and increase their safety factor against liquefaction (Lunniss and 

Baber, 2013). 

Two methods of installation are possible: vibro composer or strong sand piles (SSP) method. 

Both require a sleeve to be vibrated into the ground, which is filled with sand that is released 

as the sleeve is withdrawn. The difference between the two methods is that vibro composer 

releases a certain column height of sand and is then used to compact it before releasing the 

next column of sand above. SSP method features a vibrating sleeve that releases sand in stages 

as it withdraws vertically. SCPs are commonly laid out on a triangular or rectilinear grid. For 

offshore applications, 1.5 - 2 m diameter SCPs are commonly used and depths of soil up to 

70 m can be treated. 

Finally, a more recent method, colloidal silica grouting, bonds individual sand particles and 

also fills pore spaces, reducing overall hydraulic conductivity of the formation. Colloidal silica 

gel also encapsulates the soil structure, significantly increasing deformation resistance of loose 

sand to cyclic loading. Besides, it decreases its volume upon compression and allows less 

excess pore water pressure to develop than water does. Moreover, it does not amplify seismic 

action as much as other mitigation measures might, as it does not increase soil stiffness. 

Depending on seepage conditions, it could be injected under low heads and then transported 

beneath the site with flowing groundwater until reaching the liquefiable area under the 

tunnel. This could happen after or before the tunnel elements are placed. 

The use of injections of expansive polyurethane resins as an efficient mitigation measure in 

immersed tunnels will be investigated. The polyurethane resins densify the surrounding soil, 

as additional material is introduced into a relatively constant soil volume. Besides, other 

effects, such as improvement in composite stiffness, cementation and horizontal stress 

increase, are also present. Considering the immersed tunnel of the Tagus River crossing case-

study, two polyurethane resin longitudinal “panels” could be built under each external wall of 

the immersed tunnel along with an additional longitudinal “panel” under the middle of the 

tunnel cross section, due to its significant width. Transversally, particularly at the joints 

between tunnel elements, polyurethane resin “panels” could also be built to connect the 

longitudinal “panels” and give extra transversal stiffness. This grid of “panels” would densify 

surrounding ground, limiting liquefied sand migration to the zone beneath the tunnel, as well 

as support the tunnel during the earthquake. 

If this injection method is applied up to the base of the tunnel trench, before it is excavated, 

there is a minimum value of confining stress at the zone of injection, due to a height of sand 

corresponding to the height of the tunnel, plus the foundation and protection layers, which 

would be around 135 kPa, for the Tagus River crossing case-study, as shown in section 2.12. In 

laboratory, a smaller stress of 10 kPa applied over the sand was enough to confine it and led to 

a better sand-resin mixture, in agreement with the findings of Traylen (2017). Thus, in the field 

the same will happen, as long as the resin is injected up to a depth of 2 m. Still, injection 

before trench excavation would be the best option. The injections could also be made after the 

tunnel was built, which would have additional construction issues. 
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8. Laboratory testing of Tagus River sand injected with an expansive 

polyurethane resin 

8.1. Expansive polyurethane resin MC-Injekt 2700 L® 

MC-Injekt 2700 L® is a low viscosity (approximately 200±50 mPa s), brown polyurethane-based 

resin, with a relatively long reaction time of about 45 min. It is a duromeric (closed cell) resin, 

with a high compressive strength of at least 75 MPa and a high flexural tensile strength of 

around 65 MPa. There is limited foaming when the reactive resin is mixed with water. 

MC-Injekt 2700 L® consists of two components: A and B. They are mixed in the mixing head of 

an injection pump, in this case MC-I 510®, with a ratio of 1:1 and, then, the resin is injected 

with adequate pressure and delivery rate. The mass density of the resin is approximately 

1130 kg/m3. Depending on the confining pressure, the resin can increase its volume up to 10 

times, when in contact with water. It shall be applied at an air temperature of more than 8oC. 

It has been applied in sealing and strengthening of cracks, joints and cavities, in structural and 

underground works, under both dry and wet conditions, even with high water pressure. 

Additionally, it has been applied in sealing of sheet piles, diaphragm walls and also of leakages 

in drinking water structures, showing its compatibility with drinking water. 

 

8.2. Tagus River sand - MC-Injekt 2700 L® mixture 

Before presenting the tests to determine the mechanical properties of the mixture, some 

relevant physical properties are analysed. The dry density can be determined by the water 

displacement method. In this method the mass of the dry soil specimen v. is recorded. 

Afterwards, the specimen is covered with a thin coat of melted wax and its mass v� is again 

recorded. Finally, the specimen is placed in a wire basket hooked onto a balance, which is 

immersed in a container of water, making sure that the specimen and basket are fully 

submerged, giving the submerged mass of the wax-coated specimen v8C'. 

The dry mass density of the specimen �^ is then obtained by:  

 � = v./�°(v� −v8C')/ �² − °(v� −v.)/ �²�	 (8.1) 

in which  � is the mass density of water at test temperature and  � is the mass density of the 

wax.  

The dry mass density of the specimen,  �, as well as the respective dry unit weight, 	�:, of 13 

cylindrical specimens (Figure 8.1), 6 core drilled in the vertical direction and 7 core drilled in 

the horizontal direction from a mixture injection block, performed inside a box, is presented in 

Table 8.1. The average dry mass density is similar in all the zones of the box (Figure 8.3), 

though slightly lower in the inferior zone. This might be explained by the horizontal specimens, 

core drilled from this lower zone of the box, having been taken farther from the injection axis, 

where most of the resin is concentrated, and, thus, having a lower resin percentage in the 

mixture. The difference in the average dry mass density can also be explained, in part, by the 

higher coefficient of variation in the lower zone of the box, with larger dispersion of the values. 
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Specimen H3 has a mass density significantly lower than the average value, probably due to 

the greater distance to the central column and consequently lower concentration of resin. 

However, the median, which is not affected so much by considerably large or small values, 

gives similar values to the average. 

 

Figure 8.1 – Cylindrical specimen H1 of Tagus River sand - MC-Injekt 2700 L® mixture 

 

Table 8.1 – Dry mass density, dry unit weight, porosity and maximum water content of cylindrical specimens 

Specimen Zone Diameter (m)  � (kg/m
3
) �:  (kN/m

3
) & (%) � (%) 

V1 

middle 

0.073 1907 18.70 - - 

V2 0.073 1827 17.92 - - 

V3 0.073 1796 17.62 - - 

V4 

upper 

0.050 1796 17.62 11.4 6.4 

V6 0.050 1830 17.95 12.1 6.7 

V7 0.050 1873 18.38 14.7 8.2 

Average V - - 1838 18.03 12.7 7.1 

COV V (%) - - 2.4 2.4 13.9 14.1 

Median V - - 1829 17.94 12.1 6.7 

H1 

lower 

0.073 1844 18.09 - - 

H2 0.073 1733 17.00 - - 

H3 0.073 1604 15.74 - - 

H4 0.050 1737 17.04 - - 

H5 0.050 1815 17.80 11.3 6.2 

H6 0.050 1777 17.43 9.2 5.2 

H8 0.050 1823 17.89 6.3 3.3 

Average H - - 1762 17.28 8.9 4.9 

COV H (%) - - 4.6 4.6 28.3 30.2 

Median H - - 1777 17.43 9.2 5.2 

Average Global - - 1797 17.63 10.8 6.0 

COV Global (%) - - 4.2 4.2 26.4 27.2 

Median Global - - 1815 17.80 11.3 6.3 
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Porosity, &, for the accessible voids, and maximum water content, �, was also determined for 

specimens V4, V6, V7 and H5, H6 and H8. Regarding maximum water content, quite a low 

absorption was obtained, showing most of the voids are probably inaccessible. As porosity is 

obtained only for the accessible voids its value might be considerable. H8 has the lowest value 

(less accessible voids) and V7 the highest value of these properties. The coefficient of variation 

is considerably higher than for the dry mass density, especially for the specimens from the 

lower zone of the box, meaning the dispersion of the results was higher for these tests. Still, 

the median gives similar results to the average. 

The sand-resin mixture permeability is a relevant hydraulic property. Specimens H1 and V2 

were chosen for the permeability test. First, the specimens were placed inside a triaxial cell 

and saturated, by increasing simultaneously cell and back pressure, maintaining a 10 kPa 

difference. This was done at a low rate of near 1.7 kPa/h, until back pressure attained around 

440 kPa for specimen H1 and 460 kPa for specimen V2. 

At the end of the saturation phase, the final Skempton B value was determined by increasing 

external and internal confining pressures of 20 kPa, keeping the back pressure line closed and 

registering pore pressure change. A saturation degree of around 100% was guaranteed by a B 

value of approximately 1. Back pressure was, then, increased 20 kPa and the respective 

drainage line was open. 

Then, the permeability test was materialized by choosing a gradient that would be big enough 

to have a considerable difference in pressure between the base and the top of the specimen, 

but not so big that it could alter the structure of the sand-resin mixture. The chosen hydraulic 

gradient, Ó, was around 5, corresponding to a pressure difference between base and top of the 

specimen, ∆�, of 8 kPa. This pressure difference was imposed by applying 468 kPa for 

specimen H1 (or 488 kPa for specimen V2) through the back controller at the base of the 

specimen and 460 kPa for specimen H1 (or 480 kPa for specimen V2) through another 

controller connected to the top of the specimen. It was considered a minimum test duration of 

3 hours. 

The coefficient of permeability is given by Darcy’s law (equation 5.3 is herein reproduced for 

simplicity): 

n = 9< × � = iℎ� × ∆�(∆� (8.2) 

where � is the water velocity, i corresponds to the specimen height, ℎ� is the water height, 

given by ℎ� = ∆�/��, ( is the transverse section area of the specimen and ∆� is the back 

volume change (water volume variation inside the specimen) in a certain time interval ∆�. 
Then, the permeability of the mixture is obtained by making the average of the permeability at 

at least 10 time intervals, giving the value shown in Table 8.2. 

When comparing the values of the coefficient of permeability for the sand alone, determined 

in the permeameter, 6 x 10-4 m/s, with the values for the mixture in Table 8.2, it is possible to 

observe that the mixture value is five orders of magnitude lower (1 x 10-5) than the sand alone 

value, because the resin fills the voids in the sand, making it much less permeable. 



192 
 

Table 8.2 – Permeability testing of the sand-resin mixture 

Test i (m) ℎ� (m) ( (m
2
) n (m/s) 

V2 0.151 0.815 4236 x 10
-6

 4 x 10
-9

 

H1 0.160 0.815 4226 x 10
-6

 4 x 10
-9

 

 

8.3. Testing plan 

Three injection tests were done. In the first test a central column was injected. The second and 

third tests, with a different injection configuration, comprised injecting five columns inside a 

specifically designed Perspex sand box, where the sand had been previously placed using a 

sand shower (Figure 8.2). The conical shape of the columns can be explained by the gravity 

effect and the low viscosity of the resin. 

  

Figure 8.2 – Configuration of the first injection test (left); and of the second and third injection tests (right) 

 

The main goal of the first injection test was to characterize the physical and mechanical 

properties of the sand - expansive polyurethane resin mixture, namely strength and stiffness. 

The aim of the second and third injection tests was measuring the effect of the injection on the 

Tagus River sand relative density between columns. The measurement of the effect of the 

injection on the Tagus River sand relative density was also performed for the first test. The 

relative density �1	of the sand to be injected was defined as 70% for all the tests, similar to 

that found in Tagus River.  

Regarding the main goal of the first test, 6 specimens in the vertical direction and 5 specimens 

in the horizontal direction with 0.050 m diameter, and 3 specimens in both directions with 

0.073 m diameter, approximately, and a height of at least twice the diameter, were to be core 

drilled from the sand-resin mixture. The horizontal specimens were taken from the bottom 
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part of the block, while the vertical specimens were prepared from the intermediate (0.073 m 

diameter) and upper parts of the block (0.050 m diameter) (Figure 8.3). The remaining parts 

were to be cut with an electrical saw, to obtain at least 20 specimens with the most regular 

possible shape. Using these specimens, the point load test would be the first test performed, 

in order to obtain an estimate of the uniaxial compressive strength and of the homogeneity of 

the mixture, which would be useful during the uniaxial compression tests. 

 

Figure 8.3 – Core-drilling of the 6 specimens with 0.050 m diameter in the vertical direction); scheme of the core-

drilling (right) 

 

Then, the 6 cylindrical specimens with a diameter of 0.073 m (V1 to V3 and H1 to H3) would be 

subjected to high frequency ultrasonic pulse testing, with the aim of obtaining the sand-resin 

mixture elastic properties in both directions (modulus of elasticity and Poisson’s ratio). Finally, 

in order to characterize the stress-strain behaviour of the mixture and to obtain the modulus 

of elasticity and the Poisson’s ratio, as well as the respective strength parameters, two 

specimens would be subjected to uniaxial compression testing (V1 and H2). It was also decided 

later to test specimens V2, H1, V3 and H3 to uniaxial compression, after drying, to compare 

the results with the wet uniaxial compression tests (Table 8.3). 

Regarding the cylindrical specimens with a diameter of 0.050 m, two of them (V4 and H6) were 

tested to obtain the modulus of elasticity and the Poisson’s ratio of the mixture as well as their 

uniaxial compressive strength, which could be compared with those obtained from the high 

frequency ultrasonic pulse test. Additionally, three of them were used for a uniaxial tensile test 

(V8, V9 and H7). Finally, three specimens in the vertical direction (V5, V6 and V7) and in the 

horizontal direction (H4, H5 and H8) were used for triaxial compression tests (Table 8.3). H8 

had a hole at its top and was repaired with a sand-resin mixture. 

 

Vertical
specimens with
0.050 m
diameter (V4 to
V9)

Vertical
specimens with
0.073 m
diameter (V1 to
V3)

Horizontal specimens with
0.050 m / 0.073 m diameter
(H4 to H8 and H1 to H3)

0.
50

 m

0.50 m
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Table 8.3 – Tested specimens from the first injection test (all specimens with a sand äx before injection of 

approximately 70%) and tests carried out 

Specimen Diameter (m) Type of test �����  (kPa) 

V1 0.073 
high frequency ultrasonic pulse / 

uniaxial compression 
- 

V2 0.073 
high frequency ultrasonic pulse / 

uniaxial compression 
- 

V3 0.073 
high frequency ultrasonic pulse / 

uniaxial compression 
- 

V4 0.050 uniaxial compression - 

V5 0.050 triaxial compression 300 

V6 0.050 triaxial compression 2000 

V7 0.050 triaxial compression 1200 

V8 0.050 uniaxial tensile - 

V9 0.050 uniaxial tensile - 

H1 0.073 
high frequency ultrasonic pulse / 

uniaxial compression 
- 

H2 0.073 
high frequency ultrasonic pulse / 

uniaxial compression 
- 

H3 0.073 
high frequency ultrasonic pulse / 

uniaxial compression 
- 

H4 0.050 triaxial compression 2000 

H5 0.050 triaxial compression 300 

H6 0.050 uniaxial compression - 

H7 0.050 uniaxial tensile - 

H8 0.050 triaxial compression 1200 

 

In what concerns the aim of the second and third injection tests, and the secondary goal of the 

first test, �1 would be determined, after saturation of the sand, after load placement over the 

sand and, finally, after injection. For that, �: = �8/� would be calculated in each phase, 

where �8 is the weight of the solid particles of the dry soil and � is the volume of the sand in 

the sand box. 

 

8.4. Specimen preparation 

A sand box was specifically designed to prepare the sand before injection, i.e. to obtain the 

required �1 in combination with the sand shower and to saturate the sand, reproducing 

closely the conditions at the Tagus River bed. The sand box dimensions were chosen to fit the 

existing sand shower, as well as to create a representative volume of sand-resin mixture 

(Figure 8.4). A small space was built below a bored plate at the bottom, to allow a uniform 

saturation of the sand mass. Thus, the net volume of the box is approximately 0.5x0.5x0.5 m3 

(0.1251245 m3). It was also designed to be easily open, with bolted connections between 

walls, bottom and top. The top four and the two lateral holes, below the bored plate, are 

closed by valves, to be used during saturation procedures. 

In order to fill the sand box, with a certain relative density, in a systematic way and with 

assured repeatability, the sand shower associated with LNEC’s centrifuge equipment was used 

(Figure 8.5). This sand shower is more thoroughly described in Portugal (1999), but it is 
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basically constituted by: a 0.375 m3 parallelepipedal sand deposit; a drawer-type valve for 

regulating the sand flux; a motorized tilting hopper, which covers the area of the sand box to 

fill; a base to sustain the sand box and four external transparent doors, to limit the 

propagation of sand dust (Figure 8.6). It has a total height of around 2.8 m.  

 

Figure 8.4 – Sand box 

 

 

Figure 8.5 – Sand shower with the box in place 
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Figure 8.6 – Scheme of the sand shower (mm): 1 – sand deposit; 2 – drawer-type valve; 3 – motorized hopper; 4 – 

base; 5 – transparent door (Portugal, 1999) 

 

The base of the deposit has a row of 0.01 m diameter holes in its central zone, which match 

with the similar diameter holes of the drawer-type valve in the open position. Thus, by moving 

the drawer-type valve, the sand exit flow is controlled. 

The back and forth motion of the hopper is controlled by a hydro-pneumatic system, which 

imposes a constant rate of displacement. The hopper range was adapted, by extending the 

hydro-pneumatic system displacement, because of the greater width of the sand box.  

Inside the hopper, there are three squared mesh nets, which disperse the sand, granting a 

more uniform deposition in the entire sand box area. It also stabilizes grain descending 

trajectories, minimizing their mutual perturbation. Due to the different grain size of the Tagus 

River sand, when compared with the much finer sand previously used for the centrifuge tests, 

some changes were made to the shower. They included, namely, two rows of holes at the base 

of the deposit and the end part of the hopper removed and substituted by one rubber 

membrane in each side, to allow for more flow and, consequently, a lower sand relative 

density. However, the initial configuration was adopted, as it gave the nearest value of �1 to 

that intended.  

The base of the shower was also remade with two rails in order to be possible to move the 

sand box, which had a corresponding special base with wheels, out of under the sand shower 

and then lift it, to be weighed and for future saturation procedures. 
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Therefore, after using the sand shower, the sand box was lifted and weighed, to determine the 

relative density of the sand. For the first injection test (one column), the value of the soil mass, v8, was 207.8 kg corresponding to a �1 of 73.9%. For the second injection test (five columns) 

the value of v8 was 208.2 kg and a similar value of 75.0% was accepted. Finally, for the third 

injection test (five columns) the value of v8 was 207.8 kg corresponding to a �1 of 74.0%. 

Next, the top plate was tightened to the box and the saturation process was initiated. 

Firstly, the air in the specimen voids was removed and replaced by CO2. CO2 flowed through 

the specimen for around four hours, from bottom to top, with each of the top valves open 

alternately during one hour (Figure 8.7). 

  

Figure 8.7 – CO2 flowing through the sand (left); water filling the sand voids by upward flow (right)

 

Then, deaired water, using the dearification system referred in chapter 5, was inserted in the 

two bottom valves and flowed to the top of the sand box, until gas bubbles stopped exiting at 

each one of the four top valves, ensuring the full saturation of the sand (Figure 8.7). 

After the sand was saturated, the top plate was removed and a 0.5x0.5 m2 Styrofoam plate 

was placed over the sand. The settlement of the sand due to saturation was measured, based 

on the variation of the plate’s top face vertical position. Several weights (totalizing around 

2.5 kN) were uniformly distributed on this Styrofoam plate, constituting an average contact 

stress of 10 kPa over the sand (Figure 8.8). Applying this stress contributed to confine the sand 



198 
 

and, consequently, led to a better sand-resin mixture, enhancing its mechanical properties. As 

it has been seen in section 7.7., this stress is smaller than the one which is estimated to be 

applied in this thesis case-study, thus the injection conditions would be even better in reality. 

After placing the weights, the settlement of the sand due to saturation and weight’s placement 

was measured in a similar way. This settlement had to be corrected to take into account the 

Styrofoam plate deformation. 

  

Figure 8.8 – Load configuration (left); resin injection with injection rod in the central position of the box (right)

 

Subsequently, the injection rod was inserted into the sand, with its end at least 0.03 m from 

the bored plate. The resin injection was then made at an injection rod withdrawal rate (IRWR) 

of approximately 0.01 m/90 s, while pulling out the rod, to form a column of approximately 

constant diameter and which allowed core drilling for 6 specimens in the vertical direction and 

5 specimens in the horizontal direction with 0.050 m diameter (for uniaxial and triaxial 

compression/tensile testing) and 3 specimens in both directions with 0.073 m diameter (for 

uniaxial compression and permeability testing) (Figure 8.8). 

After at least 3 hours, the settlement of the top plate was measured again. The sand around 

the mixture block was excavated, dried and weighed. The volume and weight of the mixture 

block were also measured, and after around 7 days it was cut and core drilled to get the above 

referred cylindrical specimens, as well as the specimens for point load testing. Before testing, 
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the specimens were left curing inside water for at least another 7 days, to better reproduce 

the conditions at the river bed, which correspond to the chosen case-study. 

Regarding the second test, instead of 1 column, 5 injection columns were executed in 

sequence, one at the centre of the box and the other 4 at mid diagonal between the centre 

and each inside corner of the box (Figure 8.9). These had a smaller diameter, of around 0.11 m 

in average (IRWR of roughly 0.01 m/10 s), because the goal here was merely to study sand 

densification between columns. Finally, a third test similar to the second test was executed, 

but with an average column diameter of around 0.12 m (IRWR of approximately 0.01 m/15 s), 

to understand how the increase in the ratio between mixture volume and total volume of the 

box could affect densification between columns. 

So, in both cases, the settlement of the sand after saturation, after top loading, and after 

injection, was measured, as well as the weight of sand around the injected block, and the 

weight and volume of the block. Thus, it was possible to estimate the variation of the sand 

relative density due to the resin injection. The Styrofoam plate was substituted in the second 

and third tests for a Perspex plate, avoiding the need to correct the settlement due to plate 

deformation. 

 

Figure 8.9 – Scheme of the five injection columns 

 

8.5. Point Load testing 

The point load testing provides the reference point load strength index, as well as an estimate 

of the uniaxial compressive strength, considering the specimen diameter. It can be applied to a 

material with a compressive strength over 15 MPa, which is this thesis case. Basically, the 

specimen is subjected to an increasingly concentrated load, applied through coaxial conical 

platens (Figure 8.10), until failure occurs, by splitting the specimen (Figure 8.11). The failure 

load is used to calculate the point load strength index. 
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Figure 8.10 – Point load testing equipment 

 

 

Figure 8.11 – Specimens after point load testing 

 

Due to the uncertainty usually associated with the point load testing, it was mainly used in this 

thesis to assess the homogeneity of the specimens and to obtain an estimate of the uniaxial 

compressive strength. Based on this estimate, the maximum value of the uniaxial stress to 

reach, for measurement of the modulus of elasticity, could then be evaluated (around 1/3 of 

the uniaxial compressive strength).  

According to ASTM standard D 5731 – 08, the point load strength index l8 is calculated by: 

l8 = |��!�	 (8.3) 
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where |� is the failure load and �!� = ��L
� , � being the smallest specimen dimension 

perpendicular to the loading direction and � the distance between platen contact points. The 

reference point load index (to take into account the fact that the value of � is not the same for 

all the specimens) is given by, for a � of 0.050 m: 

l8(G)) = ë�!50ì
).�G × l8	 (8.4) 

The mean value of l8(G)), which finally gives the reference point load index can be calculated 

by eliminating the highest and the lowest values from valid tests and calculating the mean of 

the remaining values. Although in this case both methods would give a similar value of l8(G)), 
interpolation in a log-log plot of |� versus �!� (with �! = 0.050 +) is the most reliable 

method and was used. 

Finally, to estimate the uniaxial compressive strength, 5�, the following formula was used: 

5� = p × l8	 (8.5) 

where p is an index to strength conversion factor that depends on site-specific correlation 

between 5� and l8. An intermediate generalized value of 23 was used, considering a core size 

of 0.050 m, for an initial estimate of the uniaxial compressive strength. 

The test was executed after cutting the mixture block, using at least 20 specimens with the 

most regular possible shape. In this case, 27 wet specimens were used. There was a 

considerable dispersion in the (|�, �!�) values. The interpolated value of l8(G)) was 2.32 MPa 

and the corresponding estimate of the uniaxial compressive strength was 53.3 MPa, a value of 

around twice that obtained in the uniaxial compression testing (see section 8.7.). 

Therefore, using a uniaxial compression strength average value of 23.6 MPa, obtained from all 

the uniaxial compression tests, the value of p was recalculated for this specific sand-resin 

mixture, giving 10.2. 

 

8.6. High frequency ultrasonic pulse testing 

The goal of the high frequency ultrasonic pulse technique was to determine the velocity of 

propagation of elastic waves (compressional, P-waves, and shear, S-waves) in a dry specimen 

and, consequently, obtain the elastic properties of the sand-resin mixture. A sine-wave pulse 

was applied by a pulse generator unit, with a frequency range between 600 and 800 kHz, for 

the P- and S-waves, respectively. Two transducers were used to transform the electric signal 

into a mechanical impulse or vice versa: a transmitter was pressed to the centre of a plane 

normal to the direction of wave propagation (top of the specimen) and a receiver was 

positioned on the opposite plane (bottom of the specimen) (Figure 8.12). 

The detection of the compression wave in the oscilloscope is fairly easy as it is the first wave to 

arrive. Concerning the shear wave, it may be obscured by reflections of the compression wave. 

Therefore, to minimize this issue, energy transmission between the specimen and each 

transducer was enhanced by using a thin layer of coupling medium, in this case a phenyl 
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salicylate, and by pressing the transducer against the specimen with a small pressure. 

Additionally, to better distinguish the shear wave arrival time, the length of the specimen was 

optimized, with the distance between transmitter and receiver, I, at least twice the diameter 

of the specimen. 

 

Figure 8.12 – High frequency ultrasonic pulse test 

 

The velocities of P- and S-waves, �� and �f, respectively, were calculated from the measured 

travel time, �� and �f, respectively, corrected by subtracting the zero time or delay of the 

circuit, in this case, 1.5 x 10-6 s, and from the distance I: 

�� = I/��	 (8.6) �f = I/�f	 (8.7) 

The elastic shear modulus  ! and the elastic bulk modulus p! were obtained by using the 

following equations for plane elastic waves, respectively: 

 ! =  ��f�	 (8.8) p! =  ���� − 4/3 ! (8.9) 

These two elastic parameters are related with the modulus of elasticity 6 and the Poisson’s 

ratio 7 by: 

6 = 9p! !3p! +  !	 (8.10) 

7 = 3p! − 2 !6p! + 2 ! 
(8.11) 

Therefore, the values of the P- and S-waves’ velocity, the values of  ! and p!, and the values 

of the related modulus of elasticity 6 and Poisson’s ratio 7, were determined for specimens V1 

to V3 and H1 to H3, thus in each direction and also globally, by using the respective sand-resin 

mixture mass density (Table 8.4). 
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Table 8.4 – High frequency ultrasonic pulse testing – mass density, dry unit weight and elastic parameters 

Specimen  � (kg/m
3
) �:  (kN/m

3
) �� (m/s) �f (m/s)  ! (GPa) p! (GPa) 6 (GPa) 7 

V1 1907 18.70 2423 1470 4.12 5.70 9.96 0.21 

V2 1827 17.92 2579 1494 4.08 6.71 10.17 0.25 

V3 1796 17.62 2544 1387 3.45 7.02 8.90 0.29 

Average V 1843 18.08 2515 1450 3.88 6.48 9.68 0.25 

COV V (%) 3.1 3.1 3.3 3.9 9.6 10.7 7.0 16.1 

Median V 1827 17.92 2544 1470 4.08 6.71 9.96 0.25 

H1 1844 18.09 2645 1524 4.28 7.19 10.72 0.25 

H2 1733 17.00 2739 1556 4.20 7.41 10.59 0.26 

H3 1604 15.74 2509 1462 3.43 5.53 8.52 0.24 

Average H 1727 16.94 2631 1514 3.97 6.71 9.94 0.25 

COV H (%) 7.0 7.0 4.4 3.2 11.8 15.3 12.4 3.7 

Median H 1733 17.00 2645 1524 4.20 7.19 10.59 0.25 

Average Global 1785 17.51 2573 1482 3.93 6.59 9.81 0.25 

COV Global (%) 5.9 5.9 4.3 3.9 9.7 12.0 9.2 10.4 

Median Global 1812 17.77 2561 1482 4.10 6.87 10.06 0.25 

 

The coefficient of variation is a little higher for the elastic parameters than for the wave 

velocities, as it reflects uncertainties in both the density and the square of measured wave 

velocity. However, in average there was no significant difference between horizontal and 

vertical direction (the maximum difference was around 3% for p!). The median gives similar, 

although slightly higher values than the average for  !, p! and 6, meaning the average was 

marginally affected by some low values, like those for specimens V3 and H3. 

 

8.7. Uniaxial compression testing 

The uniaxial compressive strength and the modulus of elasticity and Poisson’s ratio of the 

mixture in uniaxial compression, the latter considering an equivalent linear elastic behaviour, 

were determined through uniaxial compression tests, using two different loading frames, 

respectively: a Losenhausen machine with a load capacity of 50 kN for the 0.050 m specimens 

(Figure 8.13) and a FORM+TEST Alpha 20-600 machine with a higher load capacity of 600 kN 

for the 0.073 m specimens (Figure 8.14), due to the higher load needed to attain failure. The 

modulus of elasticity was determined both in the vertical direction, perpendicular to 

sedimentation planes, which could have influenced to some extent the resin spreading before 

the mixture solidified, and in the horizontal direction. 

The specimens for the test should have a height of around 2.5 times the diameter and never 

inferior to 2 times the diameter, which was accomplished when cutting the specimens. 

Specimens with two diameters (0.050 m and 0.073 m, approximately) were used in this 

testing. The specimens were kept inside water before testing, to better reproduce the 

underwater conditions of this thesis case-study. 

Regarding measurement of the modulus of elasticity and of the Poisson’s ratio, the specimen 

was placed in the loading frame, and a load of around one third of the estimated value for the 

uniaxial compressive strength, from the point load testing, was applied. Then the specimen 
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was unloaded and, for the 0.050 m diameter specimens, two more cycles of reload-unload 

were applied until the same maximum force of the initial cycle was reached. 

 

Figure 8.13 – Equipment used for uniaxial compression testing of 0.050 m diameter specimens 

 

 

Figure 8.14 – Equipment used for uniaxial compression testing of 0.073 m diameter specimens 
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For the 0.050 m diameter specimens (V4 and H6), with the load applied at a constant rate of 

9 kN/min, only a small inelastic strain was experienced during the first cycle (almost linear 

elastic behaviour) and, so, to determine the modulus of elasticity and the Poisson’s ratio, a 

mean between the load and unload values of the first cycle was considered (Figure 8.15 and 

Figure 8.16). The second and third cycles were made to confirm that there was almost no 

inelastic strain and the behaviour was essentially elastic during the cycles. 

 
 

Figure 8.15 – Axial stress versus axial/radial strain and radial strain versus axial strain – V4 

 

 
 

Figure 8.16 – Axial stress versus axial/radial strain and radial strain versus axial strain – H6 

 

For the 0.073 m diameter specimens (V1 and H2), based on the results of the 0.050 m 

diameter specimens and to reduce the duration of the test, only a single load-unload cycle was 

considered, and a mean was made between the load and unload values to determine the 

modulus of elasticity and the Poisson’s ratio (Figure 8.17 and Figure 8.18). The load was 

applied at a constant rate of 0.8 kN/min, about 10 times lower than for the 0.050 m 

specimens. The peak axial strain in test V1 is much higher, and the load-unload curve has 

higher hysteresis than in the other tests, which might be explained by microfracturing in the 

specimen due to core drilling. Based on the uniaxial compressive strength obtained in test V1, 

which was lower than expected, to avoid damaging specimen H2, a smaller peak load was 

applied in this test, corresponding to a maximum axial stress of 10 MPa. 

Hence, the tangent Young’s modulus, 6, was calculated in the linear section of the load-unload 

curves by: 
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6 = Δ5/Δ�� 
(8.12) 

where Δ5 is the increment of axial stress and Δ�� is the corresponding increment of axial 

strain. 

 
 

Figure 8.17 – Axial stress versus axial/radial strain and radial strain versus axial strain – V1 

 

 
 

Figure 8.18 – Axial stress versus axial/radial strain and radial strain versus axial strain – H2 

 

Regarding the tangent Poisson’s ratio, 7, it was calculated in the same section of the curves by: 

7 = −Δ�1/Δ�� 
(8.13) 

where Δ�1 and Δ�� are the increments of radial and axial strain, respectively. 

For the measurement of 5�, an axial load was applied at constant rate until failure was 

attained (9 kN/min for the 0.050 m specimens and 0.8 kN/min for the 0.073 m specimens). 5� 

is given by: 

5� = |�/( (8.14) 

where |� is the maximum load applied (failure load) and ( is the initial cross section area of 

the specimen. 

The values of the uniaxial compressive strength 5�, modulus of elasticity, 6, and Poisson’s 

ratio, 7, are shown in Table 8.5 for specimens V1, H2, V4 and H6. Based on 5�, the behaviour of 

the material is somewhat anisotropic, with a higher strength in the vertical direction, which 
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might be explained by a slightly better distribution of the resin in this direction, with more 

continuity. Besides, the values of H6 and particularly V4 are a little high when compared with 

the values of V1 and H2, which are more in agreement with the values obtained in the triaxial 

compression testing (see section 8.9.). This can be related to specimens V4 and H6 having a 

different and more continuous distribution of the resin, which forms a stronger material 

structure and increases the uniaxial compressive strength. In fact, in Figure 8.19, it is possible 

to observe that, in specimen V4, the resin is well mixed with the sand, and in specimen V5, 

which was used in triaxial testing, the failure crack is in the contact between a well mixed and 

a poorly mixed sand-resin zone.  

 

Table 8.5 – Uniaxial compression testing – ¡â, X and � 

Test 5�  (MPa) 6 (GPa) 7 

V1 24.8 3.52 0.33 

H2 21.9 5.25 0.29 

V4 34.4 5.58 0.25 

H6 26.9 5.70 0.23 

 

 

Figure 8.19 – Cut sections of specimens V4 (left) and V5 (right) 

 

In what concerns the modulus of elasticity 6, the value for V1 seems to be quite low, 

comparing with the other values, perhaps due to microfracturing in the specimen during core 

drilling. Except for V1, a similar modulus of elasticity of around 5.5 GPa was found for both 

directions. This was also confirmed by the values of the modulus of elasticity obtained for 

specimens V7 and H8 (see section 8.9.), of near 5 GPa. 

Regarding 7, a higher 7 was logically found for V1. Besides, the values of H6 and V4 are still 

lower than the value of H2 (�1 might have been measured less accurately during loading). 

The values of the uniaxial compressive strength were much lower than the value obtained 

from the point load testing, although they are believed to be more accurate than the latter. 

Therefore, the p value of the point load testing was corrected to reflect the results of the 

uniaxial compressive tests (see section 8.5.). 

well mixed 

well 

mixed 

well 

mixed poorly 

mixed 
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Finally, four additional 0.073 m diameter specimens, V3 and H3, and V2 and H1, were tested 

after drying. The goal was not only to compare the modulus of elasticity and Poisson’s ratio 

values with those obtained in the ultrasonic pulse testing, also performed with dry specimens, 

but also to study the influence of the humidity conditions on the uniaxial compressive 

strength. Although the dry condition is not relevant for this thesis case-study, as the immersed 

tunnel is completely submerged, it may be interesting for other types of structures. The 

obtained values are shown in Table 8.6. 

 

Table 8.6 – Uniaxial compression testing for dry specimens – ¡â, X and � 

Test 5�  (MPa) 6 (GPa) 7 

V3 37.8 5.94 0.22 

H3 23.0 4.71 0.23 

V2 27.0 4.50 - 

H1 21.1 3.45 0.31 

 

In specimen V2, there was a problem with the measurement of the radial strain, so it was not 

possible to calculate the Poisson’s ratio. The modulus of elasticity in specimen H1 also seems 

quite low, which might be explained by microfracturing in the specimen during core drilling, 

similarly to specimen V1. The values are analogous to the obtained for wet specimens, except 

for specimen V3, where the uniaxial compressive strength is around 50% higher and the 

modulus of elasticity also increases around 30%, when compared with the other specimens 

tested in the vertical direction. 

It is also interesting to compare the estimated linear domain for the different specimens (Table 

8.7), based on the load-unload cycles for measurement of the modulus of elasticity. In the 

vertical direction, specimens V3 and V4, which have the highest modulus of elasticity, also 

have the lowest maximum axial strain and the highest maximum stress in the linear domain. In 

the horizontal direction, H1 has the lowest modulus of elasticity and correspondingly the 

highest maximum axial strain in the linear domain. H6, on the other hand, has the highest 

modulus of elasticity and the second lowest axial strain and the highest maximum axial stress 

in the linear domain. The linear domain for H2 is slightly shorter than expected, when 

comparing with the other specimens. 

 

Table 8.7 – Uniaxial compression testing – linear domain – maximum axial strain and stress 

Test �� (%) 5 (MPa) 6 (GPa) 

V1 0.27 9.0 3.52 

V2 0.24 9.0 4.50 

V3 0.17 10.0 5.94 

V4 0.22 12.0 5.58 

H1 0.33 8.5 3.45 

H2 0.14 7.5 5.25 

H3 0.22 10.0 4.71 

H6 0.22 12.0 5.70 
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In Figure 8.20, an axial stress-axial strain plot until failure is presented for all specimens in each 

direction, with exception of V4 and H6, in which the strains were not measured. The failure for 

H3 occurs at a much lower axial strain (approximately 1.3%) when compared with the other 

tests, which failure occurs at an axial strain between 1.8% and 2.4%. This more fragile failure of 

H3 might be explained by a zone where the sand did not mix with the resin, which was 

confirmed when cutting the specimen. 

  

Figure 8.20 – Uniaxial compression testing – axial stress versus axial strain until failure for the vertical (left) and 

horizontal (right) directions 

 

Nevertheless, the results seem to indicate that there is no difference between dry or wet 

conditions. Although certain specimens, like V4 and H6 (wet) and V3 (dry), have a higher 

compressive strength and modulus of elasticity than the remaining specimens. This might be 

related with a different and more continuous distribution of the resin, which forms a stronger 

material structure. Again, in Figure 8.21, it is possible to observe that, in specimen V3, resin is 

well mixed with the sand (the failure crack crosses this zone), and in specimen V1, the failure 

cracks are in the contact between a well mixed sand-resin zone and a poorly mixed sand-resin 

zone.  

 

Figure 8.21 – Cut sections of specimens V1 (left) and V3 (right) 

 

As expected, the small strain modulus of elasticity in 8.6. is higher than the modulus of 

elasticity determined in this section, even when comparing V3, V4 and H6, because in the high 
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frequency ultrasonic pulse testing the strain is much smaller than in the uniaxial compressive 

tests. Moreover, the waves propagate along the rigid particles and the modulus stands for the 

stiffness of the stable grain-resin packing. On the other hand, the present modulus represents 

the overall deformation of the specimen, being affected by the sand-resin mixture and the 

loose parts in it. The Poisson’s ratio from the high frequency ultrasonic pulse testing is similar 

to the values obtained in this section in both wet and dry conditions. 

 

8.8. Uniaxial tensile testing 

The uniaxial tensile testing allows determining the uniaxial tensile strength. The specimen is 

extended along its major longitudinal axis at a constant displacement rate, until it fractures. 

The load sustained by the specimen and the elongation of the machine are measured. The 

specimens for the test shall be free of twist and have mutually perpendicular pairs of parallel 

surfaces. Specimens with a diameter of approximately 0.050 m were used in this testing. 

For the measurement of the uniaxial tensile strength the specimen was placed in the testing 

machine, an Instron 5900R machine with a load capacity of 100 kN (Figure 8.22). Grips were 

attached to the machine for holding the specimen, so that its major vertical axis coincided with 

the direction of extension. An axial strain was, then, applied at constant rate. In this case, the 

lowest possible rate was used, corresponding to 0.0001 m/min, until failure was attained 

(Figure 8.22).  

  

Figure 8.22 – Equipment used for the uniaxial tensile testing (left) and specimen after failure (right) 
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The uniaxial tensile strength 5.8 is given by:  

5.8 = |�/( 
(8.15) 

where |� is the maximum load applied by the machine (failure load) and ( is the initial cross-

sectional area of the specimen. The corresponding values are shown in Table 8.8. 

 

Table 8.8 – Uniaxial tensile testing– ¡�� 

Test 5.8 (MPa) 

V8 -0.3 

V9 -2.0 

H7 -3.0 

 

Specimen V8 had a zone where the resin did not mix with the sand, or was already fractured, 

which led to such low tensile strength and, thus, cannot be considered for estimating the 

uniaxial tensile strength of the mixture. The average ratio 5.8/5� is around 0.1. 

 

8.9. Triaxial compression testing 

The triaxial compression testing allows determining the strength of specimens which are 

subjected to triaxial compression states. The failure criterion used here is the Mohr-Coulomb, 

for which the strength parameters friction angle, ��. , and cohesion, $., are determined. The 

modulus of elasticity can also be determined considering a linear elastic behaviour, both in the 

vertical direction and in the horizontal direction, similarly to the uniaxial compression tests. 

The specimens for the test should again have a height of around 2.5 times the diameter and 

never inferior to 2 times the diameter, which was accomplished for the 0.050 m diameter 

specimens used in this testing. The specimens were, alike the uniaxial compression tests, kept 

inside water before testing. 

For measurement of the triaxial compressive strength, a SOILTEST machine with a load 

capacity of 200 kN was used. The specimen was placed inside a triaxial cell (Figure 8.23), which 

was filled with a confining fluid. Then, the confining stress, 5J., was increased to a prescribed 

value (Table 8.9). Finally, the axial force was applied at constant rate, of 9 kN/min, until failure 

was attained. 

The peak axial stress 59., for a defined confining stress 5J., is given by:  

59. = |�/( 
(8.16) 

where |� is the maximum load applied by the loading frame (failure load) and ( is the initial 

transversal section area of the specimen. 
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Figure 8.23 – Triaxial cell (left) and equipment (right) used for the triaxial compression testing

 

Regarding measurement of the modulus of elasticity, when using the triaxial cell, an increase in 

the modulus of elasticity with increase in the confining stress would be expected. However, 

although that tendency was verified, the values were in all cases lower than the values from 

the uniaxial compression tests, due to undetermined causes, which may include, for instance, 

effects of the rigidity of the membrane around the specimen. Therefore, these values were not 

considered in estimating the modulus of elasticity. It was decided to determine the modulus of 

elasticity in a similar way (see section 8.7.) to the uniaxial compression tests, using the 

hydraulic press machine, for specimens V7 and H8. Only after that were these specimens 

placed inside the triaxial cell, and the corresponding triaxial compression test performed. The 

load-reload cycles are shown for specimens V7 and H8 in Figure 8.24 and Figure 8.25. 

 

Figure 8.24 – Axial stress versus axial strain – V7 
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Figure 8.25 – Axial stress versus axial strain – H8 

 

Moreover, the obtained values for the peak axial stress 59., as well as for the modulus of 

elasticity 6, are shown in Table 8.9. The values of 59. and 6 are in agreement with the values 

obtained for the uniaxial compression tests. 

 

Table 8.9 – Triaxial compression testing– ¡]�  and X  

Test 59. (MPa) 6 (GPa) 5J. (MPa) 

V5 24.8 - 0.3 

V6 32.8 - 2.0 

V7 28.6 4.70 1.2 

H4 31.5 - 2.0 

H5 20.0 - 0.3 

H8 26.4 4.98 1.2 

 

The beginning of the triaxial stress-strain curves showed an increase in axial strain with 

practically no increase in axial stress, which might be explained by an adjustment in the 

contact between a metallic spacer and the top and bottom of the specimen, which induced 

additional deformation. Additionally, it might also be explained by an initial vertical movement 

due to the application of lateral stress with insufficient confinement at the top of the 

specimen, until the load cell was adjusted to the metallic spacer. Thus, the triaxial curves in 

both directions were corrected by translation towards the y axis, to take into account removal 

of this initial axial strain, which was not applied on the specimen.  

In Figure 8.26, an axial stress versus axial strain plot until failure is presented for all specimens 

drilled in each direction, including the specimens from the uniaxial compression tests. The 

peak axial stress increases with increasing 5J., and for V5 and H5 (with a 5J. of 0.3 MPa) is 

similar to the uniaxial compression tests (with no confinement), except for V3, which had a 

higher 5� than the other tests. For the triaxial tests in the vertical direction, failure occurs at an 

axial strain between 1.5% and 2.2%, correspondingly to the uniaxial compression tests. For the 

triaxial tests in the horizontal direction, though, failure occurs at an axial strain between 1.0% 

and 1.3%, a much lower axial strain when compared with the uniaxial compression tests 

(except H3). A more fragile failure was detected for the triaxial test H4. This might have a 
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similar explanation to specimen H3, which had a zone where the sand did not mix with the 

resin. The tests H5 and H8 were interrupted before failure. 

  

Figure 8.26 – Comparison between triaxial and uniaxial compression testing (dashed line) for the vertical (left) 

and horizontal (right) directions 

 

When analysing the estimated linear domain for the different specimens (Table 8.10), based 

on the initial loading of the triaxial test, the maximum linear axial strain is similar to the 

observed for the uniaxial tests, except for test V5. In fact, specimen V5 has an abnormally high 

maximum axial strain in the linear domain, which might be related with an adjustment 

between the metallic spacer and the specimen, which happened more abruptly than for the 

other tests. For the triaxial tests, as it is possible to see in Table 8.10, the maximum axial strain 

in the linear domain varies in the opposite direction of the confining stress, meaning that for 

the higher confining stresses there is a shorter linear domain. Therefore, in both directions, the 

specimens which have the lowest maximum axial strain in the linear domain, are those with a 

confining stress of 2.0 MPa. On the other hand, the maximum stress in the linear domain 

increases with the confining stress (excluding specimen V5).  

 

Table 8.10 – Triaxial compression testing – linear domain – maximum axial strain and stress 

Test �� (%) 5 (MPa) 5J. (MPa) 

V5 0.47 13.5 0.3 

V6 0.35 14.0 2.0 

V7 0.38 12.0 1.2 

H4 0.25 13.0 2.0 

H5 0.31 10.0 0.3 

H8 0.28 11.0 1.2 

 

Based on the values of 59. and 5J. obtained for the 3 specimens in each direction, the strength 

parameters friction angle, ��. , and cohesion, $., can be determined. The failure surface for the 

Mohr-Coulomb criterion is given by: 

59. = �5J. + ; = �1 + �Ó&��.1 − �Ó&��.�5J. + 2$. $ø���.1 − �Ó&��.  
(8.17) 
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Using a linear regression analysis the values of � and ; can be estimated and the values of the 

strength parameters are deduced from: 

��. = �Ó&ê9 ë� − 1� + 1ì (8.18) 

$. = ;2 1 − �Ó&��.$ø���.  
(8.19) 

Thus, in the vertical direction, ��.  is equal to 40.5o and $. is equal to 5.4 MPa. In the horizontal 

direction, ��.  is equal to 48.0o and $. is equal to 3.5 MPa. 

The failure surface is shown in Figure 8.27 both for the vertical and the horizontal direction in 

space 5J. versus 59.. Moreover, the uniaxial compression tests V1, H2, V4 and H6 and V2, H1, 

V3 and H3, as well as the uniaxial tensile tests V9 and H7, are also represented. 

  

Figure 8.27 – Failure surface for the vertical (left) and horizontal (right) directions

 

It is possible to observe that, while V1 and H2, V2 and H1 and H3 failure states are near the 

failure surface, meaning these tests are in good agreement with the triaxial compression tests, 

V4 and H6 and V3 are quite far outside the failure surface, with higher 5� than the theoretical 

Mohr-Coulomb values. Finally, V9 has a lower uniaxial tensile strength than would be 

anticipated from the same theory, but only one tensile test might not be representative 

enough. H7, on the other hand, is in good agreement with the triaxial tests. 

Additionally, it is relevant to refer that, for the confining pressures relevant to this thesis case-

study, which would be between 100 kPa and 300 kPa, the peak axial stress has a very small 

variation and is virtually not influenced by confinement. Thus, an average uniaxial compressive 

strength 5� of 25.9 MPa in the vertical direction and of 22.0 MPa in the horizontal direction 

can be considered (excluding V4, H6 and V3 from the calculation). 
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8.10. Effect of the injections on Tagus River sand relative density 

To appreciate the effect of the injections on Tagus River sand density, its relative density was 

determined for the three injection tests – the first with one injection column and the second 

and third with five injection columns. This was done after the saturation phase, after load 

placement and, finally, after the resin injection, allowing to better understand the �1	 
evolution and isolate the effect of each phase. In the first and second tests, the ratio of the 

volume of the mixture to the net volume of the box was around 24%. In the third test, the 

same ratio was around 34% (Figure 8.2). 

After the saturation phase, the volume of sand inside the box was calculated, based on the 

measured settlement and, using the already determined mass of dry sand, vf, �: and 

consequently �1	 were obtained (Table 8.11). 

 

Table 8.11 – Measurements after the saturation phase 

Test Settlement (m) Volume (m
3
) vf (kg) �:  (kN/m

3
) �1  (%) 

1
st

 0.00188 0.1246535 207.8 16.35 75.9 

2
nd

 0.00266 0.1244571 208.2 16.41 77.9 

3
rd

 0.00287 0.1244059 207.8 16.39 77.1 

 

Next, after placing the 2.5 kN load, the volume of sand inside the box was calculated, based 

once more on the measured total settlement. Using again the mass of dry sand, vf, �: and 

consequently �1	 were obtained (Table 8.12). In the first test, the settlement was corrected to 

take into account the deformation of the Styrofoam plate. 

 

Table 8.12 – Measurements after placing the 2.5 kN load 

Test Settlement (m) Volume (m
3
) vf (kg) �:  (kN/m

3
) �1  (%) 

1
st

 0.00255 0.1244863 207.8 16.37 76.6 

2
nd

 0.00370 0.1241963 208.2 16.45 79.0 

3
rd

 0.00371 0.1241942 207.8 16.41 78.0 

 

Finally, after the injection and the expansion of the resin had ended, the relative density of the 

sand that surrounded the sand-resin column(s) was determined. For that, the total volume 

inside the box was calculated, based on the measured total settlement. The volume of the 

sand alone was determined by the difference between the total volume inside the box and the 

volume of the sand-resin column (first test) or of the five columns (second and third tests). 

Finally, using the mass of the sand alone, after drying, �: and, accordingly, �1 could be 

calculated (Table 8.13). The absolute increase of �1 in each phase for the 3 tests is presented 

in Table 8.14. 

It is important to note that for the second test, the final displacement is positive (settlement), 

which means that, although the injection induced an upwards displacement, it was much 

smaller than in the first and third tests. 



217 
 

Table 8.13 – Measurements after the injection and expansion of the resin 

Test 
Settlement 

(m) 
Total 

volume (m
3
) 

Sand-resin 
volume (m

3
) 

Sand volume 
(m

3
) 

vf (kg) �:  (kN/m
3
) �1  (%) 

1
st

 
-0.00153 

(upwards) 
0.1255073 0.0301820 0.0953253 160.9 16.56 82.7 

2
nd

 0.00319 0.1243242 0.0300380 0.0942862 158.2 16.46 79.6 

3
rd

 
-0.00099 

(upwards) 
0.1253725 0.0421360 0.0832365 142.5 16.80 90.1 

 

Table 8.14 – äx absolute increase in each phase and IRWR 

Test 
Initial �1  (%) 

�1 	after 
sat (%) 

Abs 
increase (%) 

�1  after 
loading (%) 

Abs 
increase (%) 

�1  after 
injection (%) 

Abs 
increase (%) 

IRWR 

1
st

 73.9 75.9 2.0 76.6 0.7 82.7 6.1 0.01 m/90 s 

2
nd

 75.0 77.9 2.9 79.0 1.1 79.6 0.6 0.01 m/10 s 

3
rd

 74.0 77.1 3.1 78.0 0.9 90.1 12.1 0.01 m/15 s 

 

�1 had an absolute increase between 0.6% and 12.1% after the resin injection, with the 

greatest increase corresponding to the third test. This is in agreement with the volume of 

injected resin, and consequently of expanded resin, which is the highest in the third test and 

the lowest in the second test (Table 8.15). 

 

Table 8.15 – Resin expansion 

Test Volume of injected resin (Lt) Volume of expanded resin (Lt) Expansion 

1
st

 9.0 12.8 1.42x 

2
nd

 8.0 11.5 1.44x 

3
rd

 10.5 18.0 1.71x 

 

In the second test, although the sand-resin volume is similar to the first test, the mass of sand 

alone is smaller and, correspondingly, there is less resin and more sand inside the columns. 

Thus, �1 only increased 0.6% due to the injection, meaning the IRWR might have been too 

fast, preventing the necessary volume of resin from entering the box, which would cause a 

relevant densification. 

Additionally, an estimate was made of resin expansion, based on an estimate of the volume of 

injected resin and of the volume of resin that mixed with the sand (Table 8.15). The former 

corresponded to the amount of mixed resin components A and B, considering also a small part 

lost during injection and other which stayed inside the mixing head of the pump and tubes. For 

the latter, the volume of resin was determined by difference between the total volume of the 

column(s) and the volume of sand in the column(s). In this case, it was assumed that the sand 

was completely saturated and that the resin substituted all the water in the sand pores. 

Although the estimate of the volume of injected resin has some uncertainty associated, it is 

possible to see that expansion of the resin was significantly higher for the third test than for 

the first and second tests. The greatest expansion in the third test also contributes, besides the 
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greatest volume of injected resin, to the higher absolute increase in �1. The first and second 

tests have a similar expansion, corresponding to an equivalent sand-resin mixture volume. 

When comparing the first and third tests, an increase in the ratio of the volume of the mixture 

to the net volume of the box from 24% to 34%, corresponded to an absolute increase in �1 of 

6.0%. Therefore, the conditions corresponding to the third test were the more adequate 

concerning increasing sand relative density. A higher ratio of the volume of the mixture to the 

net volume of the box would not be possible using this box, as relative density would be 

affected by the boundary conditions (distance to the walls). 

Nevertheless, to test other configurations of sand-resin injection, like the one described in 

section 7.7., with a grid of longitudinal and transversal panels, a larger box or container would 

be needed, as shown in Figure 8.28. In the future, it is intended to use this laminar shear 

container, in conjunction with LNEC’s seismic table. 

 

Figure 8.28 – Laminar shear container to be used at LNEC’s seismic table 

 

8.11. Final remarks 

Injection of an expansive polyurethane resin, MC-Injekt 2700 L®, in Tagus River sand, was 

tested as an efficient mitigation measure of liquefaction, in immersed tunnel foundations. 

Basic physical properties of the sand-resin mixture were determined, namely dry mass density 

and dry unit weight, porosity, maximum water content and permeability. The obtained 

average dry mass density, around 1800 kg/m3, was similar in both directions, though slightly 

higher in the vertical direction. Regarding maximum water content, very low absorption was 

obtained, showing most of the voids were probably inaccessible. Moreover, the sand-resin 

mixture permeability was five orders of magnitude lower than the sand permeability. 

Three injection tests were performed: the first consisted in injecting a central column; the 

second and third injection tests comprised injecting five separate columns in a sand box. From 

the first test, specimens were core drilled and tested. 

The point load test provided an estimate of the uniaxial compressive strength of 53.3 MPa, 

based on the reference point load strength index l8(G)) and on an index to strength conversion 
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factor, p. The value of the uniaxial compressive strength was around twice that obtained in 

the uniaxial compression testing and, thus, p was recalculated for this specific sand-resin 

mixture, giving a value of 10.2. 

From the high frequency ultrasonic pulse technique the values of  ! and p! and the values of 

the related modulus of elasticity, 6, and Poisson’s ratio, 7, were determined for specimens V1 

to V3 and H1 to H3. Concerning these parameters, there was not any significant difference 

between horizontal and vertical direction. 

The uniaxial compression tests allowed determining an average uniaxial compressive strength 5� of 25.9 MPa in the vertical direction and of 22.0 MPa in the horizontal direction, after 

excluding V4, H6 and V3 from the calculation, as these values were a little high, which might be 

explained by a different and more continuous distribution of the resin inside the specimens. A 

similar modulus of elasticity of around 5.2 GPa was found for both directions. Regarding the 

Poisson’s ratio 7, which had an average value of approximately 0.24, a higher ratio was found 

in the vertical direction. The results also indicated no difference in the specimens’ properties 

between dry or wet conditions. It is then possible to conclude, based on these tests, that the 

sand-resin mixture behaved like a single-phase material, as there was no pore pressure build-

up due to shear. 

The uniaxial tensile strength was also estimated from uniaxial tensile tests of one specimen in 

each direction, giving 2.0 MPa in the vertical direction and 3.0 MPa in the horizontal direction. 

The average ratio 5.8/5� is around 0.1. 

Finally, the triaxial compression tests confirmed the values of the uniaxial compressive 

strength obtained in the uniaxial compression tests. Moreover, the failure surface for the 

Mohr-Coulomb criterion was fitted to the triaxial tests results. In the vertical direction, ��.  was 

equal to 40.5o and $. was equal to 5.4 MPa. In the horizontal direction, ��.  was equal to 48.0o 

and $. was equal to 3.5 MPa. Nevertheless, the peak axial stress was virtually not influenced by 

confinement, for the confining pressures relevant to this thesis case-study, between 100 kPa 

and 300 kPa, and the average uniaxial compressive strength values given above can be 

considered. 

In order to appreciate the effect of the injections on Tagus River sand density, the relative 

density of sand was determined for the three injection tests. In the first and second tests the 

ratio of the volume of the mixture to the net volume of the box was around 24%. In the third 

test, the same ratio was around 34%. The greatest increase in sand �1 after the resin injection 

corresponded to the third test, with an absolute increase of 12.1%. When comparing the first 

test with the third test, increasing the ratio of the volume of the mixture to the net volume of 

the box from 24% to 34%, the absolute increase in �1 due to resin injection was of 6.0%. IRWR 

in the second test might have been too fast, preventing the necessary volume of resin, which 

would cause a relevant densification, from entering the box. Expansion of the resin was 

significantly higher for the third test than for the first and second tests. Thus, the conditions 

corresponding to the third test were the best concerning increasing sand relative density. 

It has been herein demonstrated the potential of this injection method in not only increasing 

the strength of the soil, but also in densifying the soil between sand-resin mixture columns. 
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9. Conclusions and suggestions for future research 

9.1. Conclusions 

Liquefaction of the ground foundation is an important matter in immersed tunnels, which can 

cause several structural and leakage problems in the tunnel. Therefore, it shall be prevented 

and ground treatment shall be designed in order to avoid any loss of functionality or failure 

caused by liquefaction. So, to do this with a scientific base, there was the need to expand the 

research in what concerns the liquefied soil behaviour, before and after applying the 

mitigation measures. 

A case-study of an immersed tunnel crossing, at the Tagus River, was presented, and the 

behaviour of its ground foundation, namely of Tagus River sand, was studied. The Tagus River 

sand physical properties were determined, showing a siliceous, clean and poorly graded sand, 

classified as SP, with a relative density of around 70% up to a depth of 20 m below the river 

bed.  

Regarding monotonic behaviour of the Tagus River sand, MDTTs were compared and analysed 

in chapter 5, confirming the reliability and quality of the results for their subsequent use in 

determining the constitutive model parameters. An average friction angle, ��,� of 36o was 

found for the Tagus River sand. 

As well, CUTTS had the main goal of determining the model parameters related with the cyclic 

behaviour of Tagus River sand. Nevertheless, regarding cyclic behaviour of Tagus River sand it 

was observed that: 

• As the specimen approached failure, strains increased and hysteresis loops’ opened up 

quickly. In fact, hysteresis loops’ were initially almost vertical, with a small area and 

then, after initial liquefaction, they tended to the horizontal and their area increased 

considerably. 

• When the stress path approached the critical stress ratio, the specimen started failing 

and the stress path changed to a “hooked” shape towards the later stages of the test. 

• The specimen reached the critical stress ratio at low � values but as strain increased 

dilation moved the stress path up the critical state line. When stress reversed, dilation 

ceased and volumetric contraction drove the stress path back down towards the origin 

until the critical stress ratio was encountered in the opposite direction. 

• Time until initial liquefaction increased with relative density and confining pressure, 

though the increase might be limited for higher �1. 

• The damping ratio increased until a peak value, and then, just before initial 

liquefaction, generally decreased till the end of the test, although the concept of 

equivalent viscous damping is not valid with large inelastic deformations. 

• The shear stress semi-amplitude, for the same imposed shear strain level, reduced 

until the last cycle as, after an initial almost elastic behaviour for the lowest imposed 

shear strain levels, softening increased with increasing deformation and the same 

deformation could be attained with a lower shear stress for the last cycle. 

• Maximum excess pore pressure amplitude before initial liquefaction was due to sand 

softening and resulting pore pressure build-up, but maximum excess pore pressure 
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amplitude after initial liquefaction usually happened at the first cycle, being related 

with an initial higher dilation tendency, before the soil liquefied and particles lost 

contact. 

• There was an equivalent shear modulus reduction of more than an order of magnitude 

from the beginning of the test until its end. 

• The data obtained in the CUTTs for the Tagus River sand can be reasonably well 

represented by the shear modulus versus shear strain curves proposed by Santos 

(1999) and by the damping ratio versus shear strain curves proposed by Ishibashi and 

Zhang (1993), in the latter case until initial liquefaction. 

Indeed, one of the most relevant achievements of this work was described in chapter 6. In this 

chapter, model parameters were identified in order to simulate the Tagus River sand response 

with high degree of reliability. Previously, an extensive sensitivity study provided an insight 

into the relevance of each parameter on the Manzari-Dafalias model response. It was 

concluded, from the sensitivity study, that the model parameters which caused a greater 

variation of the response to monotonic loading were: 

• â� in �8 (peak); 

• [= in � (peak); 

• �Å in dilatancy (peak) and �Q (critical). 

Moreover, when the following parameters were varied simultaneously, the variation of the 

relevant outputs was considerably greater than the variation induced by each parameter 

individually: 

• â�	and	�Å concerning �8 (peak); 

• â� and �Å regarding dilatancy (peak). 

The most relevant parameters, for cyclic loading, before initial liquefaction, were: 

• gÅ,	^,	�Å	and	â�.	
As to the liquefaction phase, a MATLAB driver (The Mathworks, Inc.) was implemented and 

validated against published results, with the goal of clarifying the Manzari-Dafalias model 

problems in this phase. Apparently, the simple shear torsional path is not well modelled with 

the Manzari-Dafalias model, leading to a faster decrease in � and increase in excess pore 

pressure than in reality. This anticipates the need for an improvement in the model, before 

parameters $� and ���� can be calibrated. 

Finally, in chapter 8, injection of a duromeric (closed cell) expansive polyurethane resin, MC-

Injekt 2700 L®, in Tagus River sand, was tested as an efficient mitigation measure of 

liquefaction in ground foundations of immersed tunnels. The sand-resin mixture had an 

average dry mass density of around 1800 kg/m3, though slightly higher in the upper and 

intermediate zones of the box. A low water absorption was obtained, showing most of the 

voids were probably inaccessible. The sand-resin mixture permeability was five orders of 

magnitude lower than the sand permeability. 
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Three injection tests were performed: the first consisted in injecting a central column and the 

second and third injection tests comprised injecting five separate columns in each test. 

Specimens were core drilled from the column of the first injection test, in the longitudinal and 

transversal directions. From the tests performed on these specimens, it was concluded that: 

• Concerning the values of the modulus of elasticity 6 and Poisson’s ratio 7, obtained 

from the high frequency ultrasonic pulse technique, there was not a significant 

difference between horizontal and vertical directions. 

• An average uniaxial compressive strength 5� of 25.9 MPa in the vertical direction and 

of 22.0 MPa in the horizontal direction was determined in the uniaxial compression 

tests, considering only the specimens with a similar distribution of the resin. A 

modulus of elasticity of around 5.2 GPa was measured in the linear domain, for both 

directions. Regarding the Poisson’s ratio 7, which had an average value of around 0.24, 

a higher ratio was found in the vertical direction. Humidity conditions did not have any 

significant influence on the specimens’ properties and the sand-resin mixture behaved 

like a single-phase material. 

• Uniaxial tensile tests were performed to estimate the uniaxial tensile strength, giving 

2.0 MPa in the vertical direction and 3.0 MPa in the horizontal direction. The average 

ratio 5.8/5� is around 0.1. More tests would be needed to have a more reliable result. 

• The triaxial compression tests confirmed the values of the uniaxial compressive 

strength obtained in the uniaxial compression tests. Moreover, the failure surface for 

the Mohr-Coulomb criterion was fitted to the triaxial tests results. In the vertical 

direction, ��.  was equal to 40.5o and $. was equal to 5.4 MPa. In the horizontal 

direction, ��.  was equal to 48.0o and $. was equal to 3.5 MPa. Nevertheless, the 

average uniaxial compressive strength values given above can be used, for the 

confining pressures relevant to this thesis case-study, between 100 kPa and 300 kPa. 

Finally, the relative density of sand was determined for the three injection tests. The greatest 

increase in sand �1 after the resin injection corresponded to the third test, with an absolute 

increase of 12.1%. When comparing the first test (ratio of the volume of the mixture to the net 

volume of the box around 24%) with the third test (same ratio around 34%), the absolute 

increase in �1 due to resin injection was of 6.0%. Expansion of the resin was significantly 

higher for the third test than for the first and second tests. Thus, the conditions corresponding 

to the third test were the more adequate concerning increasing sand relative density. 

 

9.2. Suggestions for future research 

A very relevant feature of this thesis is that it was thought to constitute the foundation for 

several future lines of research. 

The Manzari-Dafalias model still needs to be improved in what concerns simulation of more 

complex paths, with non-principal strains and stresses, and also regarding the liquefaction 

phase. Moreover, the PM4Sand constitutive model may be tested after its implementation in 

OpenSees (University of Berkeley) to confirm if it is capable of solving some of the issues of the 

Manzari-Dafalias model, namely in the liquefaction phase.  



224 
 

Another interesting aspect that can be developed is the numerical modelling of the Tagus River 

crossing case-study, i.e. of the immersed tunnel, considering: soil-structure interaction; joint 

modelling, namely shear keys, gaskets and prestress; and construction stages, specifically, 

dredging the trench, positioning the tunnel on the screeded gravel bed, statically applying 

hydrostatic pressure to the end of each element, to simulate initial hydrostatic longitudinal 

compression, placing the ballast inside - and eventually over - the tunnel, backfilling the trench 

and placing the rockfill protection layer over the tunnel. 

The behaviour of the tunnel due to earthquake loading and when subjected to liquefaction of 

its ground foundation can be analysed. First, a 2D transversal model of the cross-section of the 

tunnel and of the surrounding ground may be considered. This model would allow analyzing 

racking deformations of the cross section and tunnel flotation. Then, a 2D longitudinal model 

of the immersed tunnel between ventilation buildings can be built. In this case, analysis of 

longitudinal forces on the tunnel cross-section, of longitudinal migration of liquefied soil, and 

of differential and post-liquefaction consolidation settlements under the tunnel, would be 

possible. A sensitivity analysis could also be made to the length of the tunnel elements, 

checking its influence on tunnel seismic displacement and forces. Finally, a 3D model can be 

considered to compute the response of the tunnel (e.g. displacements and internal forces) 

under axial and curvature deformations, which is also essential in addressing spatial 

distribution of mitigation measures. 

Indeed, spatial distribution of mitigation measures is another topic of particular interest. These 

measures may be continuously modelled under the immersed tunnel or placed at a certain 

longitudinal distance, namely under element connection joint zones. In the latter case, the 

tunnel may need to be reinforced, in order to resist structural forces created during 

liquefaction. Both for continuous and non-continuous measures, improved zones may be 

modelled as solid or hollow zones with liquefiable soil inside.  

Additionally, the effect of spatial variability on liquefaction can also be studied, as liquefaction 

may not happen according to a deterministic model but instead occur following a stochastic 

model. Actually, there can be higher excess pore pressures in looser zones, which then spread 

to denser materials and can also cause liquefaction in these materials. 

Furthermore, it may be interesting to define a seismic table test programme for some chosen 

mitigation measures. This programme can firstly consider isolated application of each measure 

inside the sand container. In a second phase, a properly scaled immersed tunnel can be built as 

well, applying mitigation measures continuously under the tunnel or at a certain longitudinal 

distance, particularly under element connection joint zones. This would also allow comparison 

with results from the numerical model. 

In what concerns recommendations for design practice, indications to select the most 

adequate mitigation measure for a specific site can be given, based in prior development of a 

consistent method to evaluate performance of these measures. This would allow comparison 

of each measure, to find out which would be better in a certain situation, taking into account a 

cost-benefit analysis as well. Finally, in a broader approach, the scope of this thesis can be 

expanded to consider other types of ground, structure and mitigation measures.  
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